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Abstract
The complexity and scale of new infrastructure projects have challenged the current
geotechnical design practice. Urban areas are growing at a fast pace in the horizontal and
vertical direction, with taller buildings and deeper underground constructions in already
densely populated areas. The West Link project in Gothenburg city is a good example
of the latter. The geotechnical challenges in this project include deep excavations and
deep foundations in soft sensitive natural clays. An important aspect in this case is the
large buoyancy load arising from the ground water pressure, the stability of the soil mass
in the excavation vicinity and the unloading heave from the soil. Typically, these loads
are counterbalanced by the superstructure self-weight and by bedrock anchors. The very
deep clay deposits in Gothenburg, however, require traditional floating piles to sustain
the permanent tension loads from these processes. Little is known about the long-term
behaviour of pile foundations in deep soft soil deposits under permanent tension loads.
The need for a reliable foundation system for the West Link tunnel and the limited data
available on permanently loaded tension piles in soft clays motivates further theoretical
and experimental investigation of this pile type in natural soft structured clays.
As a result this Thesis presents new findings on the long-term behaviour of tension loaded
piles in natural soft structured clays. The unique results from the field tests on six
pile elements incorporate all significant stages in the pile cycle, i.e. pile installation,
set-up and long-term loading, yet are sufficiently short to link the pile response to the
soil behaviour of one particular layer. Furthermore, a novel cost-effective loading rig
using gas springs and remote logging based on open-source software and freely available
cloud storage is developed for execution of the field tests. The results indicate that the
measured long-term bearing capacity is smaller than the short-term reference capacity.
The difference is in the order of 20 – 30 % smaller. This reduction is attributed to the
on-going creep deformations in the soil surrounding the pile shaft. These deformations
cause relaxation of the effective stresses due to the kinematic constrains at the pile-soil
interface. In addition to an analytical system level interpretation of the measured pile head
displacement that showed only benign maximum final pile head displacements after 100
years, an advanced numerical analysis that incorporates a state-of-the-art rate dependent
soft soil model is performed. The measured data and simulation results are in good
agreement and corroborate previous investigations, however, for the first time the physical
mechanisms underpinning the measured response are generalised and tertiary creep failure
is reproduced. The long-term pile response is directly related to the behaviour of the soil
adjacent to the pile shaft. Further work should focus on the evolution of the stress field
i
and soil properties under long-term pile loading. Deviatoric creep deformations should be
studied in more detail by means of element level laboratory test on natural and remoulded
soft clays.
Keywords: soft clay, piles, tension load, uplift, installation, field test, creep of piles, creep
rupture, long-term, numerical model, rate dependent
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BAT Field pore pressure transducer
CAUC Anisotropically–consolidated
undrained triaxial compression
CEM Cavity Expansion Method
CIUC Isotropically–consolidated undrained
triaxial compression
CPT Cone Penetration test
CRP Constant rate of penetration
CSS Current Stress Surface
DSS Direct simple shear
ICS Intrinsic Compression Surface
MLT Maintained load test
NCS Normal Consolidation Surface
NSF Negative skin friction
OCR Overconsolidation ratio
PI Plasticity Index
QML Quick-maintained load test
RH Relative humidity
SPM Strain Path Method
SPT Standard Penetration test
ULS Ultimate Limit State
QML Quick Maintained Load
SLS Serviciability Limit State
Greek letters
α Inclination of the yield surfaces in
respect to the p′ axis
α Factor for the total stress method
for pile capacity
α0 Initial inclination of the yield sur-
face
αKnc0 Inclination of the yield surface in
the normally consolidated state
β Factor for the effective stress
method for pile capacity
βs Ratio between the residual and peak
unit friction (τsr/τsu)
χ Amount of bonds
χ0 Initial bonds
∆εcv Volumetric creep strains
∆F Change in load
∆u Excess pore water pressure
∆ucreep Creep generated excess pore water
pressure
∆ui Pile installation excess pore water
pressure
δ′ Soil effective friction angle at cur-
rent effective stress
∆δ Change in displacement
∆10 Set-up factor (capacity increase per
decade)
δend Final pile head displacement for a
given stage during pile testing
δij Kronecker’s delta
δini Initial pile head displacement for a
given stage during pile testing
δult Pile head displacement at Qult
Λ̇ Visco-plastic multiplier
η stress ratio q/p′
η∗ Factor of increase in Su per decade
of strain rate
ηKnc0 Actual stress ratio q/p
′ in the 1D
normally consolidated stress path
κ∗ Modified swelling index
λ∗ Slope of the post–yield compression
line in εv–lnσ′v for 1D compression
λ∗i Intrinsic modified compression index
for reconstituted soil
µ∗ Modified creep index for a given
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stress and reference time
µ∗d Deviatoric modified creep index
µ∗i Modified intrinsic creep index
µ∗v Volumetric modified creep index
ω Absolute effectiveness of rotational
hardening
ωd Relative effectiveness of rotational
hardening in respect to εpd
φ′ Soil effective friction angle
φ′cs Effective critical state friction angle
φ′r Remoulded soil effective friction an-
gle
Ψd,avg Average creep index for pile head
displacement (unitless)
Ψl Average creep index for pile head
displacement (with length units)
σ′hc Horizontal effective stress after pile
set-up
σ′pc Apparent pre-consolidation pressure
σ′v,nsf Reduced vertical stress due to nega-
tive skin friction
σ′v0 In-situ vertical effective stress
σr Radial stress
σz Vertical stress (axisymmetric
model)
σθ Hoop or circunferential stress
σ′ij Stress tensor
σv,b Total vertical stress at the pile base
level
σv0 In-situ total vertical stress
τ Reference time for creep index
τpeak Peak shear stress
τs(z) Unit skin friction at depth z





εcv Volumetric creep strain
εcd Deviatoric creep strains
εed Elastic deviatoric strains
εev Elastic volumetric strains
ξ Absolute rate of destructuration
ξd Relative rate of destructuration in
respect to εpd
dεpd Deviatoric plastic strains
dεpv Volumetric plastic strains
M(θα) Lode angle failure criterion




R Residual load matrix
a Pile influence area
Ab Pile base area
As Pile shaft area
Cc Compression index
Cr Swelling index
Cα Secondary compresssion index
Cci Intrinsic compression index
Deq Pile equivalent diameter
e Void ratio
E1 Triaxial strain invariant
E2 Cylindrical cavity expansion strain
invariant
E3 Simple shear strain invariant
fy Yield surface function
G Secant shear modulus
G(r) Shear stiffness function of distance
r from pile center line.
G50 Secant shear modulus at 50% of
viii
peak deviator stress from CAUC tri-
axial
J2α Second invariant of the modified de-
viatoric stress (q − αp′)
J3α Third invariant of the modified de-
viatoric stress (q − αp′)
k Spring constant
K0 Coefficient of at-rest earth pressure
Kc Coefficient of horizontal stress as
pile set-up in relation the the ini-
tial in-situ vertical effective stress.
Kf Coefficient of lateral pressure at fail-
ure during pile loading in relation
to the initial in-situ effective stress
Lbag The contact length of the bag
M Critical state line
Mc Stress ratio at critical state in triax-
ial compression
Me Stress ratio at critical state in triax-
ial extension.
MDSS Critical state line in DSS
Mmax Peak measured torque
n Gas mass
n Pile influence area factor
Nc Base bearing capacity factor
P Spring force
p′ Mean effective stress
p′f Mean stress at failure
p′i Initial mean effective stress
p′m Mean effective stress tangent to the
Natural Yield Surface or Normal
Compression Surface




qt Cone tip pressure resistance
Qavg Average load for a given stage dur-
ing pile testing
Qrefcreep Reference pile creep load
Qcrp Pile creep load
Qend Final load during for a given stage
during pile testing
Qini Initial applied load for a given stage
during pile testing
Qres Pile residual load
Qsls Serviciability Limit state load
Qult Ultimate Limit State pile capacity
Qbaseult Ultimate Limit State base load
Qestult Estimated Ultimate Limit State pile
capacity
Qrefult Reference Ultimate Limit State ca-
pacity





Ss Relative movement at the pile shaft
St Soil sensitivity
Su Undrained shear strength
Screepu Undrained shear strength for pile
creep load
Srefu Undrained shear strength for a given
time or shear rate
Su,b Undrained shear strength at the pile
base level
tref Reference time for the onset of pure
creep strains
u Pore water pressure
u0 In-situ pore pressure
uhs Hydrostatic pore pressure
V Shear load
ix
W ′ Effective pile weight
wL Clay liquid limit
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1 Background
The complexity and scale of new infrastructure projects have challenged the current
geotechnical design practices. Urban areas are growing at a fast pace in the horizontal
and vertical direction, with taller buildings and deeper underground constructions in
already densely populated areas. The City of Gothenburg is a good example of the latter,
especially with the West Link underground railway project; construction starting already
in 2017.
Part of the West Link tunnel will be built in very deep deposits of soft clay in the heart of
Gothenburg city. Figure 1.1 shows the tunnel track and the different construction types
along its planned route. The project is very challenging as the tunnel is surrounded by
many building types, from new residential areas to historic churches and major roads.
This in turn translates into low displacement tolerances for the foundation and retaining
structures for the tunnel. Therefore, a good understanding of the long-term soil-structure
interaction is necessary to reduce uncertainties in the design and avoid damage to existing
structures.
Figure 1.1: The West Link railway tunnel route in Gothenburg (tunnel in berg=rock,
jord/lera=soil/clay, trafikverket.se)
The geotechnical challenges of the West Link tunnel include deep excavations and deep
foundations in soft sensitive natural clays as illustrated in Figure 1.2. An important
aspect in this case is the large buoyancy load arising from the ground water pressure,
the stability of the soil mass in the excavation vicinity and the unloading heave from
the soil. Typically, these loads are counterbalanced by the superstructure self-weight or
filling material on top of it. When the latter is not sufficient, the foundation is in general
anchored to the bedrock. However, the very deep clay deposits in Gothenburg city make
the use of anchors very complicated and not economically feasible. Instead, traditional
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floating piles are necessary to sustain the permanent heaving loads.
Recent investigations in Sweden have addressed part of the above problems, with research
on deep excavations (Persson 2004; Kullingsjö 2007) and the long-term behaviour of
soft soils (Olsson 2010; Olsson 2013). However, deep foundations under the West Link
conditions have not been investigated, with most of the pile research focusing on pile
capacity (B.H. Fellenius 1972; Torstensson 1973; Bengtsson and Sällfors 1983) and the
foundation settlement as a whole (Jendeby 1986; Claesson et al. 2007). Similar trend
is observed in international pile research (Randolph 2003). Little is known about the
long-term behaviour of pile foundations in deep soft soil deposits under permanent tension
loads.
Figure 1.2: Typical stages during deep excavations in soft soils and sources of tension
load (adopted from Kempfert and Gebreselassie 2006).
Pile foundations are used to minimize settlements, transferring the superstructure loads
to a deeper bearing stratum. Therefore, piles are commonly subjected to compression
loads, but can also provide capacity for tension loads. The latter loads are less common
in the urban environment (for permanent loads). Instead, most knowledge about tension
piles stems from the offshore industry, where platforms located in deep water require an
anchoring system to sustain hydrodynamic loads. Tension piles became important in the
1980s with the newly developed Tension-Leg platforms (Bradshaw et al. 1984; Jardine and
Potts 1988). This early work demonstrated the importance of the visco-plastic behaviour
of soft soils for piles under sustained loading and rapid short-term loads (St.John et al.
1983; Ramalho Ortigao and Randolph 1983). Nevertheless, tension piles are less common
onshore where only a few cases can be found in the literature (Karlsrud 2012).
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1.1 Pile foundations in soft soils
Pile foundations have been studied intensively since most urban areas have developed on
soft soils with poor bearing capacity which are susceptible to large settlements. Engineers
have adopted simplified methods to study and design pile foundations due to the complex
pile-soil interaction. These methods indirectly account for the complexities involved
by using correlations derived from pile testing databases and model pile tests in the
laboratory. These simplified methods proved to be reasonably successful in practice
as long as local empirical data is available. If this information is not correct or a new
foundation type is required, these methods fail to accurately predict the pile response.
This will increase the costs resulting from larger safety factors and mitigation measures in
order to incorporate larger uncertainties. In Sweden, the latter is particular an issue for
the design and construction of pile foundations in soft clays under sustained tension loads.
Most studies in soft clays have focused on the short-term response of displacement piles
loaded in compression, with very few cases under tension and long-term sustained loads.
These studies have shown that the pile capacity is directly proportional to the effective
stress, soil properties and loading rate at the pile-soil interface. Furthermore, results from
various investigations point out that, for soft clays, there is no difference in the loading
direction when evaluating the bearing capacity of single piles under short-term loading
(Torstensson 1973; Bengtsson and Sällfors 1983; Lehane and Jardine 1994). On the other
hand, long-term effects are mainly considered when studying the combined behaviour
of the foundation raft and piles. In this case focus has been given on the long-term
consolidation settlements and the load (re-)distribution below the raft and along the pile
shaft, with little or no consideration for creep settlements (B.H. Fellenius 2015). The
magnitude of this long-term deformation is considered rather small under working loads
(Poulos et al. 2002). However, long-term pile displacements (creep of piles) is important
for tension loaded piles, i.e. the additional load from creep deformations in the soil cannot
be redistributed to the raft.
The need for a reliable foundation system for the West Link tunnel and the limited data
available on permanently loaded tension piles in soft clays motivates further experimental
investigation of this pile type in soft soils. By performing a field test all stages from
installation to pile set-up are properly accounted for including the natural soft structured
clay that is difficult to replicate in the laboratory. Details on the experimental set-up and
information about the site characterisation is reported in Chapter 4 and 5. The results
presented in Chapter 6 elaborate the importance of considering the visco-plastic properties
of soft clays for the long-term bearing capacity and settlement profiles. Failure by creep
displacement (i.e. tertiary creep) was observed for load levels below those obtained from
short-term loading. Chapter 7 present numerical analysis using a rational framework,
i.e. incorporating installation effects and set-up period together with more advanced
constitutive models for predicting the behaviour of soft clays.
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1.2 Objectives and limitations
The aim of the Thesis is to obtain new quantitative experimental data on the long-term
response of displacement piles under sustained tension loads in natural soft clays. A
field test program will be developed in order to faithfully capture pile installation and
subsequent ageing and creep in natural clay. Furthermore, these new findings will be
interpreted in the framework of contemporary soft soil modelling, and thus generalised
for other conditions using a rate-dependent constitutive soil model.
This work is limited to the study of short length displacement piles in normally to slightly
over-consolidated clays under static loading conditions. Similar to all field tests, external
variables, such as temperature and vibrations from nearby construction, could have
influenced the field results.
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2 Pile foundations
In order to understand the long-term response of pile foundations, the complete loading
history needs to be considered using a rational framework. In addition to the soil
geological and stress history, the behaviour of the pile-soil system is directly related to
the installation methods, set-up period and loading conditions. Multiple stages from
installation to loading can be summarised in a pile cycle (Figure 2.1) discussed in the
following. Proper understanding of the underlying soil behaviour during the pile cycle will
potentially improve the design methods (Randolph and Gourvenec 2011; Karlsrud 2012).
Details for this cycle are presented in subsequent Sections with focus on pre-fabricated
full displacement piles in soft clays.
Figure 2.1: Illustration of the pile cycle (adapted from Randolph and Gourvenec (2011)).
0 = initial conditions, i = installation, c = after equalisation, f = at failure.
2.1 Installation
The first step in the pile cycle is the installation of the pile elements in the soil. Installation
of displacement piles in soft clays results in a complex kinematic process that generates
large distortions in the soil around the pile. Consequently, the soil properties and stress
conditions adjacent to the pile shaft will change significantly. This new state will govern
the future response of the pile (Lehane and Jardine 1994). Numerous experimental
investigations have been reported on pile installation in soft soils, as summarised for
example by Jardine and Potts (1988), Hunt (2000), Pestana et al. (2002) and Karlsrud
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(2012).
Based on these and many other investigations, analytical and numerical models have
been developed to capture the kinematics of pile installation; some of these are listed in
Table 2.1. The most popular analytical approaches are the cavity expansion method CEM
(Randolph, Carter, et al. 1979; Carter et al. 1979; Yu 2013) and the strain path method
SPM (Baligh 1985; Whittle 1987; Sagaseta et al. 1997). On the other hand, several
numerical techniques has been employed, as for example the Eulerean (Dijkstra et al.
2011) or the Material Point Method (MPM) (Beuth 2012). These numerical frameworks
are then combined with soil constitutive models to obtain the pile-soil system behaviour.
Despite the many advances in modelling the installation effects and the soil response,
these methods are currently seldomly used in engineering practice.
Table 2.1: Analytical and numerical methods for approximation of pile installation.
Method Description Reference
Cavity Expansion
Method (CEM) Expansion of a cylindrical cavity.
Randolph, Carter,
et al. 1979; Carter
et al. 1979; Castro
and Karstunen 2010;
Yu 2013
CEM + Shear shaft CEM together with an applied verticaldisplacement at the pile shaft boundary.
Pham et al. 2010;
Basu et al. 2013
Sheil et al. 2015
Strain Path Method
(SPM) Steady flow around a penetrating element.
Baligh 1985; Whittle
1987; Aubeny 1992;
Sagaseta et al. 1997;
Yu et al. 2000; Liu
et al. 2014
Eulerian Mesh independent numerical analysis.Flow of soil around the pile. Dijkstra et al. 2011
Press-replace method
(PRM)
Stepwise pile penetration by pushing a
small increment ∆δ and replace soil for
pile material. No change in reference
geometry.
Engin et al. 2015
Tehrani et al. 2016
Updated Lagrangean
(UL-FEM)
Modification/update of the finite element




Material particles move through a fixed




Sabetamal et al. 2016
Material Point
Method (MPM)
From the same family as ALE with an
additional cloud of material points.
Beuth 2012; Ceccato
et al. 2016
Displacement piles can be installed by either pile jacking or pile driving. In the latter
case, the degree and extend of disturbance will be larger than the former due to the cyclic
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loading/unloading from the stress wave propagation in the pile and soil from each hammer
blow. Another issue with pile driving is that the stress wave in the pile (reflected from
the pile base) generates tension loads that can crack the concrete. This can lead to a
reduction in the cross section stiffness, corrosion of the steel reinforcement and spalling of
the concrete (Kempfert and Gebreselassie 2006). More details of possible driving methods
are given in Fleming et al. (2008) and Tomlinson and Woodward (2014).
As the pile penetrates in the ground, the soil at the toe is distorted, pushed downward and
then displaced laterally. These processes destroy the initial soil structure and stress history.
For very low permeability clays, there is nearly no volume change during installation
(i.e. undrained conditions). The kinematics for deep penetration can be analytically
approximated with the steady flow approach applied in the Strain Path Method (SPM)
(Baligh 1985). The steady-state penetration assumption has been observed by field test
with fully instrumented piles in soft clay (Lehane and Jardine 1994). Sagaseta et al.
(1997) further developed the SPM and incorporated the ground surface effects in the
Shallow Strain Path Method (SSPM). In both the SPM and SSPM, the large strain zone
concentrates within 1D from the pile shaft. Field measurements show similar vertical and
radial strains that are confined within 0.5D and 1.5D, respectively, from the pile shaft
(Zeevaert 1983; Pestana et al. 2002).
Total stresses in the soil increase during installation as the soil is displaced to accommodate
the pile volume. This change in total stresses is directly related to the changes in pore
water pressure during undrained penetration, as the soft clay is restricted to contract
with no volume change (Randolph and Gourvenec 2011). These changes are relatively
independent of the pile diameter (Pestana et al. 2002). Field observations have shown
changes in ∆σh of the same magnitude as ∆u during single and pile group installation, as
for example in Onsøy clay (Karlsrud 2012) and north-west Stockholm clay (Johansson and
Jendeby 1998) respectively. Randolph and Gourvenec (2011) suggest that the magnitude
of ∆σh can be related to the undrained shear strength Su of the clay and is typically in
the range of 4− 6 Su.
Table 2.2 shows some findings from studies where excess pore water pressure was measured
at the shaft or adjacent to the pile directly after installation for normally to slightly
overconsolidated soft clays. Some authors correlate the installation excess pore water
pressure (∆ui) to the undrained shear strength (Su) of the clay. This correlation could
be influenced by sample disturbance, testing techniques and site specifics as Su profiles
vary. Therefore, it is better to use the in-situ vertical effective stress for normalisation.
Roy et al. (1981) proposed Equation 2.1 as a modified version of the analytical expression
given by Lo and Stermac (1965) to estimate the installation excess pore water pressure at











Table 2.2: Normalized excess pore water pressure directly after installation
Reference Site ∆ui/σ′v0 Note
B.H. Fellenius (1972) Bäckebol 0.4 ≈ 1.5D from shaft1
Torstensson (1973) Bäckebol 1.6− 2.5 At shaft
Roy et al. (1981) Saint-Alban 2.0− 2.1 At shaft
Lehane and Jardine (1994) Bothkennar 1.9− 2.1 At shaft
Johansson and Jendeby
(1998) Tibble 0.3− 0.4 ≈ 4.2D from shaft
Pestana et al. (2002) S.F. Bay Mud 0.9− 1.1 ≈ 1D from shaft
Karlsrud (2012) Onsøy 1.5− 1.6 At shaft
1 It is possible that the piezometer deviated away from the pile during installation.
where σ′v0 is the initial vertical effective stress, K0 is the coefficient of earth pressure
at-rest, p′ is the consolidated mean effective stress in a triaxial test before shearing, ∆u/p′
is the ratio of maximum excess pore water pressure in undrained triaxial compression
at large strains and OCR is the vertical overconsolidation ratio. Theoretical studies by
Randolph, Carter, et al. (1979) using the cavity expansion method (CEM) and an elastic
perfectly-plastic model suggested an increase in the mean total stress next to and on the
pile shaft given by Equation 2.2 and 2.3:
∆p(r) = ∆ui(r) = 2Suln(R/r) for r0 ≤ r ≤ R
with R2 = (G50/Su)r20
(2.2)
∆p = ∆umaxi = Suln(G50/Su) (2.3)
where G is selected as G50, the secant shear modulus at 50% of peak deviator stress
from CAUC triaxial (Karlsrud 2012), r0 is the pile radius and Su the undrained shear
strength of the clay. In their calculations for normally and slightly overconsolidated clays,
∆umaxi is approximately 3.4− 4.4 Su. These equations were corrected to account for the




i − p′f ) + Suln(R/r) (2.4)
where p′i is the initial mean effective stress and p′f mean effective stress at failure. For
Bäckebol clay, Torstensson (1973) proposed a G50 = 100 − 150 Su, with Su from the
uncorrected shear vane test. This G50 range is similar to that proposed by Karlsrud
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(2012) for Onsøy clay, with G50 = 100− 200 Su, using the Su from DSS and triaxial tests.
As an example, a G50 = 150Su in Equation 2.3 gives a ∆umaxi = 5Su, which, by assuming
that ∆σh = ∆umaxi , is equivalent to the average of the range reported in Randolph and
Gourvenec (2011).
As the pile continues to penetrate further, total stresses and excess pore water pressure far
above from the pile toe tend to reduce until they reach a steady state, where the pile slides
on the pile-soil interface (quasi-static penetration). For Bothkennar clay, Lehane and
Jardine (1994) found this limit to be around 15D from the pile toe and for Saint-Alban
clay, Roy et al. (1981) observed this threshold at approximately 8.5D. Similar behaviour
was observed in the Onsøy tests described by Karlsrud (2012). When the pile reaches its
final depth, unloading and relaxation can take place with additional reduction of total
horizontal stress, with small or no change in excess pore water pressure (i.e. decrease in
effective stress). This was observed by Johansson and Jendeby (1998) and Pestana et al.
(2002).
Installation of long piles differs from the short ones. The long piles can deviate from
the vertical alignment and experience bending or “beating”1(B.H. Fellenius 2015). As a
consequence, the bearing capacity can vary from pile to pile as the stress conditions along
the pile shaft are not uniform (Karlsrud 2012). However, the possibility for the pile to
buckle under these conditions is minimal (Alén 2015).
2.2 Set-up period
The set-up period is the time when the bearing capacity recovers due to the equalization
of excess pore water pressures (increase of effective stresses) and ageing in the clay. The
latter effect is related to creep and thixotropy (Augustesen, Andersen, et al. 2006).
Recovery in clay shear strength and stiffness has been observed during a rest period
without change in water content or effective stress after intense distortion (Seng and
Tanaka 2012). In colloid science this is known as thixotropy. Mewis and Wagner (2009)
define this phenomenon in terms of the colloid micro-structure (i.e. fabric in soils), where
the latter will break down into separated flocs when flowing, decreasing in size as the
strain rate increases. The micro-structure will return when the strain rate decreases and
recovers during rest conditions. Therefore, after some time during the pile set-up stage,
the clay micro-structure will reach a new equilibrium state after which thixotropic effects
will be minimal compared to other processes, such as creep (Seng and Tanaka 2012).
As the clay consolidates, the excess pore water pressure dissipates and the initial void ratio
decreases. The preferred flow path for the water will be in the radial direction (Randolph,
Carter, et al. 1979). The equalisation time depends on the hydraulic conductivity and
stiffness of the clay. Remoulded high sensitive clays can have consolidation coefficients
1Strong shake/movement of the piles, specially in the lateral directions.
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on the order of 0.1 to 0.01 of that from natural undisturbed conditions (Zeevaert 1983).
Experience in Gothenburg clay show equalisation times from 3 to 6 months (B.H. Fellenius
1972). The reduction in void ratio will translate into an increase in the undrained shear
strength of the clay next to the shaft. The latter has been observed in the field (Roy
et al. 1981; Zeevaert 1983; Karlsrud and Haugen 1985) and by numerical approximations
(Whittle 1987) (see Figure 2.2 and 2.3).
(a) Haga clay, D = 15.3 cm (b) Boston Blue clay
Figure 2.2: (a) Su from fall cone test and wn from soil adjacent to pile shaft (Karlsrud
and Haugen 1985), (b) shear strength after equalisation of installation pore water pressures
from numerical analysis (Whittle 1987).
Figure 2.3: Illustration of shear strength after pile set-up and from pile loading (Karlsrud,
Nadim, et al. 1990). Critical zone at a distance r2 from shaft.
The effective stresses will increase to a new equilibrium state after all the excess pore
water pressure is dissipated. Previous studies found that soil stresses change significantly
within 10D from the shaft surface (Randolph, Carter, et al. 1979). Lehane and Jardine
(1994) observed that changes in radial effective stress depend on the clay OCR and
stiffness (directly proportional), and sensitivity (inversely proportional). In addition,
Karlsrud (2012) observed a trend for the plasticity index, with higher values showing
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a larger recovery of the horizontal effective stress after installation. Table 2.3 shows
some examples of the final ratio between the initial K0 and the final Kc (σ′hc/σ′v0) after
equalisation of ∆ui (see also Jardine and Potts 1988 and Karlsrud 2012). It is important
to note that measurements of total normal stress at the shaft can be affected by: (1)
non-uniform stress distribution around the sensing membrane (Torstensson 1973) and (2)
soil heterogeneity at the sensor depth.
Table 2.3: Change in radial effective stress after consolidation
Site St OCR PI(%) Kc1 Kc/K0
Drammen 4− 8 1 10 – 20 0.502 n.a.
Onsøy 4− 8 1.3 40 0.4− 0.5 0.75
Bothkennar 10− 13 1.8 30 0.8 1.14
1 Far above the toe; Kc = σ′hc/σ
′
v0.
2 Back-calculated from the test results. Can be up to 15− 20% higher before
loading, see stress path in Lehane and Jardine (1994).
Hunt et al. (2002) carried out advanced field tests before and after installation of an
instrumented pile in San Francisco Bay Mud. They observed that the soil around the pile
was significantly remoulded, had lower water content and higher density. Measurements
of shear wave velocities showed a decrease from the initial conditions near the pile shaft
although higher density values. Far field measurements showed the opposite effect (i.e.
increase in shear wave velocities, see Figure 2.4). They considered the reduction to be
caused by remoulding and destructuration of the soil.
Figure 2.4: Percentage change of shear wave velocity (Vs) from initial conditions during
and after equalisation of installation ∆u. Closed-ended pile D = 0.6 m and L = 35 m.
Equalisation after approximately 250 days (adopted from Hunt et al. 2002).
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In addition to the field test, Hunt et al. (2002) performed advanced laboratory tests on
disturbed soil sampled taken adjacent to the pile shaft after the equalisation of installation
pore pressures. One dimensional compression tests showed a small reduction in the
re-compression index Cr, followed by a smooth transition to the virgin compression line,
with the compression index Cc approaching the intrinsic value Cci. The samples did
not show a clear pre-consolidation pressure (Casagrande’s method) and appeared to be
normally consolidated. This indicates that the soil history, fabric and structure was
destroyed during pile installation and the soil was consolidated to stresses similar or
slightly larger than in-situ conditions. Anisotropically consolidated triaxial tests (CAUC)
consolidated to in-situ stresses showed no peak nor softening as for the initial undisturbed
samples. Instead, the soil hardened and reached critical state at very large strains (>10%).
The effective stress path on all samples showed a contractive response. Direct simple
shear tests consolidated to in-situ stresses showed larger strength than the samples taken
before installation. Hunt et al. (2002) attribute this difference to the change in layer
orientation due to installation.
Figure 2.5: DSS at 7.3m for pre- and post-installation. Following cyclic = after 3 loading
cycles; Transverse = rotated 90◦ (adopted from Hunt et al. 2002).
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2.3 Pile loading
It is well known from experimental and theoretical considerations that the bearing capacity
of a pile is directly proportional to the normal effective stress and interface friction angle
at the pile-soil interface (i.e. Coulomb friction) (Randolph and Gourvenec 2011; Lehane
and Jardine 1994). During pile loading, the observed response is a combination of soil
and pile element behaviour. The pile bearing capacity and settlement are a function of
the effective stresses and soil properties at the pile shaft, with the load distribution along
the pile length depending on the pile stiffness, shaft area and end-bearing capacity.
The load applied at the pile head will transfer as shear to the surrounding soil. Randolph
and Wroth (1978) described this transfer mechanism as concentric cylinders in shear
around the pile shaft, as illustrated in Figure 2.6. This approximation assumes that the
main displacement component happens in the vertical direction, with negligible radial
displacement. Using linear elasticity and assuming vertical equilibrium in these cylinders,

















Figure 2.6: Concentric cylinder model of soil stresses around the pile shaft.
where τ0 is the shear stress at the pile-soil interface at the pile radius r0. The shear stress
will decrease with increasing distance from the pile surface (see Figure 2.7). If the pile
surface is rough enough, one can see from Equation (2.5) and in Figure 2.3 that failure
will occur within the soil near the interface where the applied shear stress will be larger
than the available shear strength (Zeevaert 1983).
In a similar manner, the shear strain is approximated by neglecting the radial displacements
and assuming that simple shear conditions prevail. This can be calculated by Equation
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Figure 2.7: Distribution of shear load from the pile shaft to the soil from the concentric
cylinder model.







where G(r) is the shear stiffness of the soil.
As the pile is loaded, the shear stress at the pile shaft increases, generating a principal
stress rotation in the soil (Randolph and Wroth 1981). The latter will influence the shear
strength of the soil adjacent to the pile, as the failure surface depends on the intermediate
principal stress (Lode angle dependency)(Hicher and Lade 1987). Figure 2.8 illustrates
the stress rotation for torsion of a soil element in cylindrical coordinates. The same
effect will occur for the simple shear at the pile shaft (plane rz instead of zθ). This is
representative for a soil element near the pile interface.
In clays, the loading stress path at the pile-soil interface is analogous to a constant
volume direct simple shear test (DSS) and is relatively independent of loading direction.
It is important to note that the DSS apparatus cannot impose true simple shear stress
conditions due to its boundary conditions. Therefore, the strength obtained from this
will slightly underestimate the ideal simple shear case (Doherty and Fahey 2011). This
behaviour was observed by Lehane and Jardine (1994) for drained and undrained model
pile field tests. In their tests, the resulting shear stress at the pile shaft caused a reduction
of the radial effective stress of ≈ 15% at peak (0.85σ′hc) (see Figure 2.9). This reduction
was smaller than in DSS tests on undisturbed samples. For the undrained pile tests the
reduction was due to excess pore water pressure ∆u, while for the drained case relaxation
of the radial effective stress is observed. The friction angle from DSS tests was larger than
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(a) Shear from pile loading
τrz(Randolph and Wroth 1981)
(b) Torsion shear τzθ; σz, σr and σθ are kept
constant (Hicher and Lade 1987)
Figure 2.8: Principal stress rotation effect and Mohr’s circle (in (b) the same applies for
simple shear substituting τzθ with τrz).
those obtained in the pile tests. On the other hand, the friction angle from ring shear
interface tests provided a better approximation for their pile tests (as expected due to
the intense shearing from installation). Reloading of the failed piles showed no variation
in the friction angle and the difference in bearing capacity was attributed to the changes
of radial effective stresses at the onset of loading.
By using the effective principal stresses and ultimate Mohr circle, Zeevaert (1983) showed





1 + sin2 φ′
= Kf (2.7)
where φ′ is the angle of internal friction of remoulded soil. Typical values of φ′ for soft
soils range from 25◦ to 35◦, which result in Kf ranging from 0.7 to 0.5. These values are
in good agreement with those in Table 2.3.
For shaft bearing piles in tension, the ultimate bearing capacity is reached with very small
pile-soil relative displacements. For soft clays, typical values range between (0.5−3%)Dpile
for field tests and (0.4− 2%)Dpile for laboratory tests (Mochtar and Edil 1988; Fleming
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et al. 2008; Tomlinson and Woodward 2014). This displacement up to ultimate state is
rather small and will depend on the soil response, independently of the pile diameter
(B.H. Fellenius 2015). For compression loaded piles, the ultimate capacity is not always
cleared defined as the pile base continues to provide additional bearing capacity with
further penetration. A general rules is to define this capacity by a limit pile displacement,
as for example δhead = 0.1Dpile. More details about different failure criteria can be found
in Kempfert and Gebreselassie (2006).
Figure 2.9: Stress paths for soil at pile shaft and DSS of undisturbed samples from
Bothkennar clay (Lehane and Jardine 1994.)
2.3.1 Short-term pile loading
In general, pile research has focused on the short-term bearing capacity. This has been
investigated by testing model and prototype piles with static (e.g maintained load test
(MLT), quick-maintained load test (QML) and constant rate of penetration (CRP)),
dynamic and statnamic methods (see Fleming et al. 2008 for more details). The results
from these tests are often correlated to clay properties, as for example, the undrained
shear strength, plasticity index, sensitivity and stress history (OCR) (Karlsrud 2014).
The latter is done as the initial normal effective stress and soil properties at the pile shaft
are difficult to estimate beforehand. With these correlations, piles are designed against
failure in combination with safety factors.
For pile tests in soft clays, the soil rate effects are an important factor affecting all the
above mentioned testing methods. Therefore, the measured pile capacity will be directly
related to the type of test, i.e. the loading rate. Overall, pile tests are performed under
fast loading rates where the soil response is undrained or partially drained. Depending on
the stress path and boundary conditions, these fast rates can over-predict the bearing
capacity. For example, Torstensson (1973) showed large differences in the ultimate bearing
capacity between slow and fast loading rates for pile tests in Bäckebol clay (Gothenburg)
as shown in Figure 2.10.
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Figure 2.10: Pile tests of short length concrete piles with different rates, D = 152 mm
and L = 100 mm at 3.5–4.5 m depth (adopted from Torstensson 1973).
Several authors have proposed corrections of the undrained shear strength of the clay for
rate effects, for example by using the semi-logarithmic law in Equation (2.8)–(2.9) (Hansbo
1984) or the power law in Equation (2.10) (Torstensson 1973; Briaud and Garland 1985;
Biscontin and Pestana 2001). The first model describes the change of Su with respect
to loading rate as a straight line in a semi-log plot, while the second model proposes a
straight line in a log-log plot.
Su2
Su1
= A+B log(t1/t2 + C), (2.8)
Su2
Su1





where A, B and C for Equation (2.8)–(2.9), and α and β for Equation (2.10) are empirical
parameters obtained from curve fitting these equations to the undrained shear strength
Su1, Su2 obtained from tests at various loading rates t1, t2. These rate models are shown
in Figure 2.11 using typical values for soft clays as for example A = 1, B = 0.125 and
C = 0.15× 10−3; α = 0.9− 1.1 and β = 0.02− 0.10 (Hansbo 1984; Briaud and Garland
1985; Länsivaara 1999). The C parameter in Equation (2.8) and (2.9) establish a limit
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decrease of Su for very slow shearing rates.















Figure 2.11: Variation of Su with time to failure (shearing rate).
2.3.2 Long-term pile loading
Research on the long-term performance of piles is scarce. The majority of information
available focuses on: (1) the load from negative skin friction due to subsidence of the
surrounding soil and (2) on the increase of bearing capacity after installation. A third
important, but less studied problem, is (3) the long-term settlement of the pile element
under constant load. This settlement occurs due to the primary and secondary compression
of the soil adjacent to the pile shaft under shear loading. Details for each point are given
below.
Negative skin friction
Negative skin friction (NSF) acting on the shaft of a floating pile in soft soil arises from
the relative displacement of the pile-soil interface. In this case, the soil settles faster
relative to the shaft due to creep or effects that increase the effective stresses, e.g. on-going
consolidation from surcharge loading or lowering of the groundwater table. As the pile is
loaded for the first time, residual loads from NSF might develop following the installation
and set-up period (B.H. Fellenius 1972). The NSF will give rise to an additional drag
load on the pile and change the stress field around the shaft.
Part of the soil weight will be transferred to the pile by NSF, creating a relief on the
effective vertical stress (opposite for positive skin friction) (Zeevaert 1983). This in turn
could release horizontal effective stress, decreasing the available unit shaft resistance along
the shaft affected by NSF. By assuming vertical force equilibrium in the pile influence zone,
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the average decrease in effective vertical stress by depth can be obtained by numerically
solving Equations (2.11) to (2.17) (see Figure 2.12). For practical purposes, the influence
area factor n can be taken as 12 for isolated piles. However, in reality this factor depends











Figure 2.12: Change of vertical effective stress due to NSF (adopted from Zeevaert (1983)).











Vij = (2πr0)∆zijτs,ij (2.14)
where for point i and j, V is the shear load at the ∆z shaft, NSF is the drag load, a
is the pile influence area, σ′v0 is the in-situ vertical effective stress, σ′v,nsf is the reduced
vertical effective stress due to negative skin friction, τs is the average shear stress from
negative skin friction and r0 is the pile radius.
ai = aj = π(nr0)
2 (2.15)





where n is the influence area factor, Kf is the coefficient of lateral pressure at failure and




v0,j − (Vij +NSFi) aj (2.17)
As the pile is loaded by the drag load, this will displace relative to the soil, developing
positive skin friction. Therefore, the pile and soil will move relative to each other in
order to have equilibrium. The point along the shaft where the pile and soil displacement
are equal (zero relative movement) and where the forces are in equilibrium, is called the
neutral plane (see Figure 1.2). This plane is located within a transition zone, whose length
will depend on the gradient of the relative pile-soil displacement (B.H. Fellenius 2006).
The NSF phenomenon is always present for piles, since extremely small soil settlements
are sufficient for it to emerge (B.H. Fellenius 2015).
During compression loading, part or all of the downdrag load will be eliminated where
the pile displacement is larger than that caused by the soil settlement. After the pile-
soil system reaches new equilibrium conditions, the NSF will increase again as the soil
continues to settle relative to the pile (B.H. Fellenius 1972). The opposite is for tension
loading, as the relative movement of the pile is similar to that from the negative skin
friction (see Figure 2.13). In this case, the tension load will be counterbalanced by the
pile weight, the drag load and the not yet mobilised negative shaft resistance. In both
cases the pile bearing capacity will not be affected by negative skin friction. However, the














Figure 2.13: Illustration of the deformation due to NSF in soil adjacent to the pile shaf.
(a) Long-term soil settlements, (b) Short-term compression loading, (c) Short-term tension
loading.
26
Evolution of bearing capacity over time
The set-up effects in soft soils can be divided into three components in time: (1) the
equalisation of excess pore water pressure, (2) ageing effects and (3) creep. Note that this
separation is assuming that one process is dominant over the other during a certain time,
but not completely independent (i.e. they occur simultaneously).
During the equalisation of excess pore water pressures there is a regain in effective
stresses in the soil. At the same time, ageing and creep effects occur. It is not yet clear
which mechanisms take place during the ageing of piles in clay. A plausible hypothesis
is that circumferential arching develops during installation, relaxing with time due to
creep (Augustesen 2006). Other possible explanations are the creation of new bonds and
rearrangement of the fabric due to thixotropy effects. All these effects push the failure
zone further out in the soil-soil interface. However, these hypotheses have been proven
hard to verify from experimental investigations. Instead, empirical relations (often called
time functions) are used to quantify the increase in bearing capacity with time due to
these ageing effects. These are derived from pile tests where the same pile is loaded several
times within a certain time period (staged testing) or different piles are loaded once after
certain time (unstaged testing). Augustesen, Andersen, et al. (2006) validated the time










where Q is the axial bearing capacity at time t after installation, Q0 the reference axial
bearing capacity at the reference time t0 and ∆10 is the set-up factor (capacity increase
per decade). Based on statistical studies of a large database of pile load tests, Augustesen
(2006) recommends ∆10 = 0.24 for staged and ∆10 = 0.13 for unstaged loading with a t0
of 100 days. Karlsrud, Jensen, et al. (2014) proposed Equation 2.19 correlating ∆10 with
OCR and PI for first time loading and t0 = 100 days. For a pile in soft clay, a reference
time of 100 days will in general be sufficient for complete consolidation, with just ageing
effects taking place (Karlsrud, Jensen, et al. 2014).






Recently, Karlsrud, Jensen, et al. (2014) investigated the effects of sustained loading in
the increase of bearing capacity with time. In their study, piles were loaded 6 months after
installation with a sustained load ratio of Q/Qult = 0.6. The piles were loaded to failure
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18 months after pre-loading. The sustained load enhanced the shaft resistance compared
to first time load test of non-loaded piles with the same set-up time. An additional
increase of 10 to 20% was measured for slighly over-consolidated medium to high plasticity
clays. Karlsrud, Jensen, et al. (2014) stated that the results support the plausible theory
of increase of effective stresses at the shaft due to creep relaxation of arching effects.
Creep of piles
Creep2behaviour in soils is defined as the ongoing deformations in time under constant
effective stress. In pile foundations, the term is used in mixed conditions, and two main
scenarios are identified.
The first case is related to the long-term static bearing capacity. For piles in soft clays this
capacity corresponds to the maximum load that the pile can sustain under serviceability
state without excessive displacements. This limiting load is called the creep load and
represents the threshold for creep failure under long-term static loading. The concept
received greater attention around the 1970s and 1980s, from soft soils rate effects studies
and observations made on the rate of deformation in pile field tests (Bjerrum 1973;
Torstensson 1973; Gallagher and St John 1980; Hansbo 1984). Several studies have shown
this threshold to be between 0.7 to 0.8 Qult from short-term loading tests (Gallagher and
St John 1980; Bengtsson and Sällfors 1983). However, this creep load is obtained from
looking at the deformation rates under constant total stresses and not effective stresses.
Therefore, pure creep does not take place under this condition and the term is inaccurate.
The second area focuses on the long-term settlements of the pile foundation as a whole.
For service loads, these settlements are considered small relative to the initial deformation
after loading (Poulos et al. 2002). However, these settlements can be beneficial for pile-raft
foundations if properly designed (Jendeby 1986; Randolph 2003).
The long-term displacement components are due to (1) primary and (2) secondary
compression, i.e. creep. At the pile-soil interface the main creep displacement component
results from deviatoric creep. The creep rate will be directly proportional to the amount of
mobilized shear τ/τult, as a result of the remoulded and partially remoulded soil behaviour
adjacent to the pile. In the remoulded zone, the creep rate for a given load will be smaller
compared to further away from the pile shaft. This is due to the destructuration process
caused during pile installation (i.e. intrinsic creep rate). The significance of the partially
remoulded soil is a function of the pile load influence area, as this zone will extend
with increasing load. The creep rate will decrease with time as the soil fabric reaches
equilibrium under the applied load (Bjerrum 1973).
Table 2.4 summarizes results from experimental studies of pile creep in soft soils. Figure
2.14 shows some of the data extracted from Table 2.4 (tests 1 to 5). The pile head
displacement is normalized with the pile diameter D or equivalent diameter Deq for
2See Section 3.2 for the complete description of creep in soils.
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non-circular piles (e.g. for square piles Deq = 4l/π). This normalisation is adopted
assuming that for a constant load, the creep shear strains can be obtained from the
analogy of DSS loading as shown in Figure 2.15. In this case, it is believed the strains
will concentrate within 1D and that these are uniform along the complete pile length. In
addition, it is assumed that the pile and soil deform as a continuum up to peak (St.John
et al. 1983). In all studied cases the creep rate decreased with time. A logarithmic model
as that given in Equations (2.20) and (2.21) for oedometer conditions fit well this decrease
in creep rate.
εcv = µ







where εcv is the volumetric creep strains, µ∗ is the modified creep parameter obtained
from 1D compression, tref is the reference time for the onset of pure creep strains and t
is the increase in time to extrapolate the creep strains.
From previous research it can be summarised that:
• Long-term accumulated pile head displacements are larger than those from short-
term pile loading tests.
• The creep rate is a function of the applied load Q/Qult.
• The creep rate gradually decreases with time for loads below a certain threshold
governed by creep.
• Creep rupture3can take place if the pile is loaded above the threshold where perhaps
relaxation take place and/or creep generated pore pressure accumulate in the critical
strain zone, reducing the normal effective stress.
For long piles, the creep of the pile material (e.g. concrete or steel) is an important
component in the long-term deformation measured at the pile head. However, no infor-
mation was available about the creep of the pile material in the previous summarised
investigations.
3See Section 3.3 for a complete definition of creep rupture.
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Figure 2.14: Rate versus time from tests in Table 2.4. Bound lines calculated using
Equation (2.21).
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Table 2.4: Overview of investigations on long-term behaviour of piles.
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Figure 2.15: Illustration of creep shear strains adjacent to the pile shaft.
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2.4 Pile capacity and settlement analysis
Most foundation design is based on empirical and semi-empirical methods calibrated with
local field and laboratory tests (Randolph 2003). The empiricism originates from the
complex kinematics in the soil during the pile installation, making it a challenge to assess
post-installation conditions for subsequent loading. Augustesen (2006) listed many factors
that potentially affect the bearing capacity and behaviour of piles in soft soils. However,
no attempt is made to put these factors in a general framework of soft soil behaviour.
Commonly, the main concern in engineering of single piles is to estimate the maximum
bearing capacity provided by the designed pile foundation and the soil. Other factors,
such as the load distribution along the pile shaft and the long-term performance are
usually neglected. This has led to design methods that are strongly based on empirical
correlations that implicitly account for the uncertainties in the pile cycle (e.g. installation,
set-up and stress state). The empirical component of each method is derived from local
investigations under limited testing conditions. Therefore, there is an inherent uncertainty
in the empirical factor related to (1) the sample quality and soil testing procedure, (2)
the pile testing and measurement technique as well as (3) the interpretation of results.
Table 2.5 gives an overview of these methods and detailed description can be found for
example in Karlsrud (2014) and B.H. Fellenius (2015).
For soft clays the total stress α–method is the most used approach to estimate the pile
bearing capacity. Despite recognizing that the pile-soil interaction is effective stress
based, this method remains rather popular due to the large amount of experience and its
simplicity. Partial safety factors are combined with the empirical α factor to calculate
the design bearing capacity. Karlsrud (2014) recently proposed a new calibration for the
α factor. In his work, this parameter is related to the plasticity index and OCR of the
clay. Comparison of a larger number of tests did not show any clear trend with respect to
pile diameter, shape or length. In general, the α correlation works well for estimating the
short-term bearing capacity for relatively homogeneous soil deposits with nearly constant
OCR and Su/σ′v0 ratio with depth.
The long-term loading effects are considered in these methods using reduction factors.
These can be applied to the soil properties, e.g. correction for rate effects, or directly
to the calculated bearing capacity Qult. In Sweden, the characteristic undrained shear
strength used in the α–method is reduced by 30% to account for the long-term capacity
(Eriksson et al. 2004).
Where more detailed analyses are required for estimating the load-displacement curve,
the load-transfer methods have proven to be valuable tools. With this method the load
distribution with depth can be estimated and rate effects can be incorporated (Randolph
and Wroth 1978; Guo 2012; Q.-q. Zhang and Z.-m. Zhang 2012; B.H. Fellenius 2015).
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Table 2.5: Estimation methods for pile bearing capacity
Method Description Equation
Total stress, α
The undrained shear strength of the clay is
correlated with the α factor to obtain the unit
skin friction τ at the pile shaft. Su is generally





The ratio between vertical and normal effective
stress at the shaft and the effective friction angle
of the pile-soil interface is correlated with the β
factor.
τ = βσ′v0; where
β = Kf tan(φ′)
Hybrid
approach, λ
The mean vertical effective stress and the










The N-index from the SPT is correlated to the
pile capacity. This method is very subjective and




Very site specific correlations. Two approaches
exist:
∗ Indirect method: use soil parameters with
bearing capacity or cavity expansion theory to
estimate the pile capacity.
∗ Direct method: use of the cone resistance as the
pile resistance. Some scaling factors are used.
Load Transfer
Use of functions that describe the soil response
from the unit skin friction transferred to the
surroundings. Together with pile element
response to the applied load, the complete load
distribution along the pile length is obtained.
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2.5 Swedish pile research
In Sweden, and especially the West Coast, the use of piles for deep foundations has a
long tradition dating back more than 100 years. The importance of understanding the
performance of piles has been recognised in the early days of Civil Engineering. The
Swedish initial investigations of pile behaviour in soft clays date to late 19th century and
beginning of the 20th, by engineers at the Harbour Engineering Office in Gothenburg. By
that time, Wendel (1900) developed the simplified loading frame shown in Figure 2.16,
which was later used in many other investigations (e.g. B.G. Fellenius 1938; B.G. Fellenius
1955). Table 2.6 presents a time line with the main research findings of each decade until
the present day.
Figure 2.16: Pile testing at Gothenburg’s harbour circa 1910 using E. Wendel load frame
(SGF Väst).
These previous researchers investigated mainly the short-term loading of compression
piles using the quick maintained load method (QML) to study the pile bearing capacity
in soft clays. Design methods were established by correlating the bearing capacity to
the undrained shear strength of the clay. The later relation was initially based on the
shear strength correlated from fall cone tests and later from the field vane test. One
extensive investigation was done by B.G. Fellenius (1955), where he tested 40 full-scaled
piles in Gothenburg central station area. His observations showed a gain in the bearing
capacity with time and a resistance independent of loading direction. In addition, he
found that the undrained shear strength of the clay correlated well with the measured
bearing capacity (total stress method).
Torstensson (1973) corroborates the above findings in his model pile investigation. In
his experiments he studied the pile installation effects, size and material, and the clay
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Table 2.6: Overview of main pile research in Swedish soft clays.
Year Reference Test
1900 Wendel, Ernst
QML tests1926 Petterson, Knut
1928 Hultin, Torsten
1934 Lidén, Gösta Pile raft settlement
1955 Fellenius, Bror Gustaf QML tests
1972 Fellenius, Bengt H End-bearing – Downdrag
1977 Bjerin, L End-bearing – Downdrag
1973 Torstensson, BA QML tests1979 Bengtsson, PE
1986 Jendeby, Leif Pile raft settlement2007 Claesson, Peter et al.
behaviour in relation to the shaft resistance. He observed large disturbance in the clay
after installation with excess pore water pressure at the pile shaft equal or larger than
the initial radial effective stress. Furthermore, the pile diameter, material and loading
direction showed no difference in shaft resistance. For typical QML test, he found that the
pile bearing capacity could be well estimated by using the uncorrected undrained shear
strength of the clay from the field vane shear test. In addition, he found that the bearing
capacity was related to the rate of loading (i.e. rate-dependency of clays). He derived an
experimental rate function from vane shear tests with different rotation velocities.
Subsequently the long-term behaviour of piles was studied. The 7 years of measurements
from B.H. Fellenius (1972) and Bjerin (1977) focused on the effects of negative skin
friction on long piles installed to bearing soil layers. They observed that re-consolidation
settlements from installation effects and on-going settlements in young slightly over-
consolidated and normally consolidated clays generate relative displacements in the
pile-soil interface which result in an additional load component on the pile shaft (i.e.
dragload). As the piles were loaded, the mobilised load was equal to the applied load,
and not the sum of this and the developed dragload. This indicates that the dragload
was released after loading. However, the dragload increased again with time as the soil
settlement continued, adding to the applied load.
Bengtsson and Hansbo (1979) performed tension and compression QML tests on full-scale
floating piles of different materials in highly plastic soft clay. The test site was located in
the same clay deposit as B.H. Fellenius (1972) (i.e. Bäckebol). The experiment showed
no loading direction or pile material dependence in relation to the shaft resistance. They
also observed an increase in the shaft resistance with larger set-up times. Figure 2.17
shows some of these results for a pre-stressed concrete pile (CP) and a sheet pile type
Larssen II (same surface area as CP). The first QML1 was carried out after a pile set-up
time of 45 days. No difference in Qult was observed between the sheet pile and the
concrete pile despite the difference in cross section stiffness. This indicates that little
or no softening took place after the full mobilisation of the shaft friction. The QML1
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test was followed by an additional pile set-up period of 51 days and a 4 days constant
load test at 600 kN. During holding, the pile head displacements were small and the
displacement rate decreased with time. After the hold period, the pile was subjected to
13 unloading-reloading cycles of 600-20-600 kN and then failed in QML2. The previous
tests before QML2 did not seem to affect the pile-soil interface stiffness (see shifted dotted
curve in Figure 2.17a and 2.17b) and the increase in bearing capacity is attributed to the
additional set-up period.
Hansbo (1984) and Jendeby (1986) looked at the long-term behaviour of pile raft foun-
dations. They found that by utilising the “creep strength” of the clay, a more efficient
foundation could be designed by sharing the structural load between the raft and he piles.
This concept emerged from the study of the strain rate effects on the undrained shear
strength of clays. The creep strength of a clay is defined as the limit where no shear
failure will occur under low deformation rate (i.e. the maximum strength for long-term
loading). This limit is empirically correlated by two methods, (1) by mean of field vane
shear tests and (2) by QML pile load testing. Both methods are illustrated in Figure 2.18
and described below.
For the first method, the vane shear test is rotated with different speeds, with very low
speed giving the long-term shear strength. This shear strength is then used to calculate
the pile bearing capacity with the α–method using α = 1. For the second method, the
pile is loaded with 8 to 10 load increments with a hold time of 15 minutes each. For every
step, the rate of pile head displacement for the last 6 minutes is calculated and plotted
in a load versus rate plot. The part of the curve with the minimum curvature radius is
selected as the pile creep load (i.e. the load that trigger high displacement rates). The
pile capacity calculated using the first methods has been found to approximate the creep
load of QML test (Hansbo 1984).
All in all, the pile shaft resistance in normally to slighly over-consolidated and high
plasticity Gothenburg clay showed to be independent of pile size, length, material or
loading direction. Semi-empirical methods were derived from QML tests, mainly from
compression loading. This empiricism is restricted to local conditions and simplified
loading scenarios. The latter represent a limitation for the current complex infrastructure
projects in urban environments, and for the proper understanding of the long-term
behaviour of floating piles in clays.
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(b) Accumulated creep between minute 1 to 8
each load step
















Figure 2.17: Tension loading of full-scale floating piles in soft clays (Bengtsson and
Hansbo 1979; Bengtsson and Sällfors 1983). Hold period deformation subtracted in dotted
curve.
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(b) Creep load concept
Figure 2.18: Methods for determining the pile “creep” load; (a) data from Bäckebol clay,
Screepu = 0.72S
ref
u . Vane allowed to rest for one day before testing (adopted from Hansbo




As pointed out in Chapter 2, the pile response is directly related to the response of the
adjacent soil. Therefore, a good understanding of the soil behaviour is required for a
sound comprehension of pile foundations. Focus is given to the rate-dependent properties
of soft clays.
3.1 Rate effects
Saturated normally and lightly over-consolidated soft clays present different mechanical
behaviour dependent on the rate of shear strains applied. For example, triaxial tests
with different shearing rates exhibit diverse peak shear strength or oedometer tests show
different apparent pre-consolidation pressure (Graham et al. 1983; Länsivaara 1999). In
other words, the strength and stiffness of the clay will depend on how fast the shear load
is applied. The mechanical response observed in the measured engineering parameters
due to rate effects can be related to three phenomena, (1) the free water viscosity in
the porous media, (2) the viscosity of bounded water on the soil particles and (3) the
water and soil structure interaction under shearing deformation and drainage (Briaud
and Garland 1985).
Equation (3.1) is a general empirical model used to account for changes in the undrained
shear strength with different strain rates. This relation only considered the change of
the shear strength as a function of the shearing rate. As shown by Graham et al. (1983)
for different clays, the change in Su magnitude appears to be independent of test type
and soil plasticity. Similar results were found by Länsivaara (1999). Nevertheless, other
authors suggest that soil plasticity does influence the rate effects (Bjerrum 1973; Brown
and Powell 2013). This latter aspect is still under investigation and is not yet clearly









where η∗ is the increase per decade of strain rate and Su,ref is the reference undrained
shear strength with a rate ˙γref . Values for η∗ range between 0.05-0.20 (Graham et al. 1983).
However, several authors found that the rate effects are also related to the strain level
and therefore the η∗ parameter is not always constant (Graham et al. 1983; Länsivaara
1999; Robinson and Brown 2013).
Quinn and Brown (2011) and Robinson and Brown (2013) explored the importance of
considering the drainage conditions as illustrated in Figure 3.1. For very slow rates, the
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excess pore water pressures can dissipate. As the rate increases, there is a transition from
partial drained to totally undrained shear. During undrained conditions, viscous effects
are dominant, with the shear strength increasing with the increase in shearing rate.
Figure 3.1: U-shaped model illustrating the variation of soil strength with respect to
drainage conditions and rate effects, e.g. for triaxial compression tests (adopted from
Quinn and Brown 2011).
For natural weakly bonded soft clay, the rate effects are mainly a function of the response
of the soil’s micro-structure. Slow shear rates will result in lower peak shear strength as
the soil will be allowed to deform and restructure (destructuration) (Lefebvre and LeBoeuf
1987). On the other hand, for remoulded clays with little or no structure, the difference
in shear strength due to rate effects is mainly caused by the generated excess pore water
pressure resulting from the selected shearing stress path (Lefebvre and LeBoeuf 1987).
3.2 Deviatoric creep
According to the definition of creep in soils, pure creep processes only occur with constant
effective stresses (Augustesen, Liingaard, et al. 2004). During undrained conditions, the
effective stresses decrease with the build-up of creep induced excess pore water pressure,
therefore the observed creep cannot be called pure creep. For the soil adjacent to the
pile, the long-term response under sustained loading is considered to be under drained
conditions and under constant effective stresses; thus fulfilling the condition for pure
creep.
The measured displacement at the pile head can be divided into three different components.
The first and second contribution are from the soil’s instantaneous elastic response and
from the consolidation triggered by any shear-induced excess pore water pressure. The
third arises from the deviatoric creep at the pile shaft. It is this creep behaviour that
governs the long-term response of the piles (St.John et al. 1983; Ramalho Ortigao and
Randolph 1983).
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Deviatoric creep has been studied in laboratory conditions by several authors by means
of drained and undrained triaxial and direct simple shear tests (Campanella and Vaid
1974; Tavenas et al. 1978; Tian et al. 1994; Havel 2004; Torpe 2014). Under the boundary
conditions of DSS and triaxial tests, the soil can develop the three phases of creep, namely
(1) primary or fading, (2) secondary or stationary and (3) tertiary or accelerating creep,
as shown in Figure 3.2. On the other hand, under 1D oedometer tests the clay only
can exhibit the primary phase. A soil that experience secondary and tertiary creep will
ultimately fail by creep rupture.
Figure 3.2: Creep phases in triaxial conditions with constant total stresses (adopted from
Augustesen, Liingaard, et al. 2004)
3.3 Creep rupture
Creep rupture is defined as the failure following the tertiary creep phase due to strength
degradation in the clay. In clays, the loss of strength due to creep deformations can be
caused by several factors. Mitchell and Soga (2005) presented some of these as:
• Creep deformation will contribute to the destructuration processes.
• If there are kinematic constraints and creep deformation cannot take place, then
the effective stresses will decrease by relaxation.
• In undrained conditions, creep deformation can generate excess pore water pressure
and therefore a reduction in effective stresses. On the other hand, for high creep
rates in drained tests, the rate of increase in ∆ucreep (if any) could be larger than the
rate of dissipation. The latter can be aggravated with the reduction of permeability,
as the soil compresses with time.
Campanella and Vaid (1974) studied the creep rupture phenomenon under undrained
conditions for Haney normally consolidated natural soft clay (British Columbia, Canada).
They assert that creep rupture might occur only under undrained conditions. In their
test, the initial creep rate decreased to a minimum value and thereafter increased until
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rupture. At all times, excess pore water pressure developed due to the creep strains. The
magnitude of the creep strains up to failure depended on the stress path history of the
soil element. For example, CIU triaxial tests accumulated approximately 4 times more
strains to creep rupture compared to CAU test. However, for the same stress history, the
accumulated strains at creep rupture were almost the same for the mobilisation ratios in
their tests. The time to creep rupture was a function of the mobilised shear load. Figure
3.3 shows some of the results from their tests, with higher mobilisation degrees failing
faster. As the degree of mobilisation decreased, the time to failure increased and tended
to an asymptote value (creep rupture might not take place). The main cause of creep
rupture appears to be the accumulation of excess pore water pressure, i.e. reduction of
effective stresses. During the tertiary creep phase, no discontinuity was observed in the
pore pressure measured at one end of the soil element in the triaxial apparatus due to the
accelerating strain rates. Failure took place when the effective stress path reached the
failure envelope obtained from standard tests (Coulomb failure line).



























Figure 3.3: K0 consolidated undrained triaxial creep tests (adopted from Campanella and
Vaid 1974).
Tavenas et al. (1978) studied in detail the creep behaviour of natural soft clays under
triaxial and 1D oedometer tests. Their first important observation is that the soil limit
state surface is rate and age dependent. They also observed that the creep strain rates ε̇c
form isotache surfaces with similar shape as the limit state surface in the stress space. This
isotache surfaces showed to be homothetic to each other and the limit state surface. New
constitutive models, such as the CREEP-SCLAY1S can capture this type of soil behaviour
(Sivasithamparam et al. 2015). In their drained creep tests, rupture only took place for
stress levels that were very close or above the soil failure envelope (Coulomb failure line).
The failure mechanics resemble that of undrained creep rupture, first having an initial
decrease in creep strain rates and then rapid increase up to failure. For their undrained
tests, samples with mobilised stresses close to the limit state surface experienced rupture
44
within the observation time. The failure time was directly proportional to the mobilisation
degree as in Campanella and Vaid (1974) investigations.
Drained triaxial and DSS creep tests performed by Tian et al. (1994) showed no creep
rupture for stress levels below the failure envelope. The latter confirm the observations
made by Tavenas et al. (1978). They observed that for stress levels with a degree of
mobilisation ≥ 70− 75% (mob = tan δ′/ tanφ′; where δ′ is the angle at current effective
stress, and φ′ is the soil effective friction angle) large axial strains developed initially.
They believe this deformations originate from large modifications of the clay structure
after a certain mobilisation degree. In addition, they performed double step loaded tests
in order to study the ageing effects of the samples under deviatoric creep. These tests
showed a reduction of accumulated strain compared to single loaded tests for the same
mobilised stress, and higher initial stiffness and undrained shear strength.
From these observations, it can be concluded that if the current stress is far from the
failure envelope and the creep rate is sufficiently low to avoid accumulation of ∆ucreep,
creep rupture will not take place. Figure 3.4 illustrates this highlighting the stable and
unstable creep zones in the stress space of an anisotropic structured soft soil model. For
drained tests, the soil will creep stable if the stresses are mobilised just below the failure
envelop (≈ 80-90%, see Hunter and Khalili 2000). Whereas undrained tests will be stable
if the stresses are within the intrinsic compression surface as little or no structural changes
























Figure 3.4: Illustration showing (a) the stress boundaries for stable and unstable creep
(rupture) and (b) time-displacement curves for different shear loads at the pile shaft.
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3.4 Creep modelling
Modelling of creep can be done in several ways, for example by empirical models, rheological
models or general stress-strain-time constitutive laws. A good summary of the different
approaches to model creep is given by Liingaard et al. (2004) and more details can be
found in Mitchell and Soga (2005). The most common theoretical approach is to use an
empirical logarithmic law, such as given in equation 3.2 (first presented by Buisman 1936).
This type of model is based on 1D compression tests and can only predict primary creep,












where µ∗v is the modified coefficient of secondary compression for changes in volumetric
strains (∆εcv/∆ ln(t)), tref is the time from where creep strains are assumed to start and
t is the time following the onset of creep. The time reference in the above equations
is usually taken as the time after primary consolidation, which can vary a lot. For
incremental loading oedometer tests, this time is often often taken equal to 1 day as
each load step is held for the same duration due to practical convenience. Therefore, the
stepwise incremental loading oedometer curve is called the 1 day reference stress-strain
curve.
Not all clays exhibit this type of behaviour and non-linearity can be observed with time
(Mitchell and Soga 2005). For example, if the applied load is close to the apparent
pre-consolidation pressure, the soil might experience larger strains caused by destructura-
tion. The latter will change the soil behaviour and therefore non-linearity can emerge.
Furthermore, after a long creep period the deformation rate will decrease to a point where
other processes will dominate, e.g. chemical bonding. If one incorporates these variations
into the model, the non-linear behaviour can be captured (Liingaard et al. 2004) but for
practical purposes, Equation (3.2) gives a good approximation.
The creep parameter in Equation 3.2 is the slope of the linear part of the measurement curve
in a ε-ln(t) plot. This parameter is not constant and it is a function of the applied stress
and accumulated strains. Figure 3.5 shows a typical curve of Cα (µ∗ = Cα/2.3(1 + e0)),
where e is void ratio, as a function of stress for undisturbed natural soft clays from
Bothkennar (Nash et al. 1992). For practical calculations, µ∗ is often selected based on the
working stress range. Because of the remoulding process caused by pile installation, one
will expect this parameter to be close to the intrinsic value at large strains and stresses














Figure 3.5: Incremental loading (IL) oedometer at 5m depth for Bothkennar clay, σ′pc ≈ 81
kPa (adopted from Nash et al. 1992).
3.5 Constitutive models for soft soils
3.5.1 SCLAY1S
The SCLAY1S soft soil model is an extended critical state elasto-plastic constitutive model
that captures important soil characteristics such as anisotropy and structure (Wheeler
et al. 2003; Karstunen et al. 2005). The anisotropy is represented with an inclined yield
surface having the shape of a distorted ellipse. Furthermore, the structure is introduced
with an additional smaller intrinsic yield surface having the same shape and orientation
as the natural yield surface. Finally, the SCLAY1S incorporates the Drucker-Prager
failure criterion, which assumes a circular shape in the π–plane (later versions are Lode
angle dependent where the strength in extension can be different from the strength in
compression). Figure 3.6 illustrate the model intrinsic and natural yield surface for the
special case of simplified triaxial stress space. These surfaces are obtained with Equation
(3.3), where the fabric inclination is given by the scalar α parameter for triaxial stress
space. These two surface are linked with Equation (3.4).
fy = (q − αp′)2 − (M2 − α2)(p′m − p′)p′ = 0 (3.3)














Figure 3.6: SCLAY1S natural yield (NYS) and intrinsic (IS) surfaces in 2D triaxial space.
where p′m and p′mi are the intersection of the vertical tangent of the natural and intrinsic
ellipse with the effective mean pressure axis p′ and χ is the amount of bonding.
The model has three hardening laws and an associated flow rule. The first is an isotropic
hardening law describing the change in size of the intrinsic yield surface as given by





where λ∗i is the intrinsic modified compression index for reconstituted soil and κ∗ is the
modified unload-reload index.
The second hardening rule characterises the changes in orientation of the natural and
















where dεpv and dε
p
d are the volumetric1and deviatoric plastic strains respectively, ω controls
the absolute rate of rotation, ωd regulate the rotation based on the norm of dεpd, η is the
stress ratio q/p′, α is the inclination of the yield surfaces in respect to the p′ axis (in the
range of 3η4 and
η
3 ).
1The volumetric plastic strains are regulated with Macauly brackets 〈〉 as 〈dεpv〉 = dεpv for dεpv > 0 and
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The last hardening rule gives the degradation of bonding χ with plastic volumetric and
deviatoric strains (see Equation (3.7)), and is closely linked to the first isotropic hardening
rule. The relation exist as the state variable p′mi is inversely proportional to the amount
of bonding χ (see Equation (3.4)). Therefore, the natural yield surface will shrink and
the intrinsic surface will expand or shrink (depending on the flow rule) until there is no
bonding left and they have the same size.
dχ = −ξ χ(|dεpv|+ ξd|dε
p
d|) (3.7)
where dεpv and dε
p
d are the volumetric and deviatoric plastic strains respectively, ξ is the
parameter controlling the absolute rate of bond degradation and ξd is the parameter
controlling the bond degradation in relation to dεpd.
Taking α = 0 and χ = 0 the model transforms back to the modified Cam-clay isotropic
model, with p′mi = p′m. A full description of the model is discussed in Sivasithamparam
(2011).
3.5.2 CREEP-SCLAY1S
Apart from anisotropy and structure, soft clays also exhibit viscous behaviour (rate
dependency and creep). This additional property incorporates the time dimension in
the material description. CREEP-SCLAY1S is an elasto-viscoplastic constitutive model
capable of modelling rate dependency (Sivasithamparam et al. 2015, Gras et al. In press).
It is similar to the SCLAY1S in the manner anisotropy and structure are formulated.
In addition, it is a special extended over-stress model that uses a generalised empirical
formulation obtained from one dimensional observations (see Equation (3.2)) to model
the rate dependent behaviour of the soil (Sivasithamparam et al. 2015). As a result the
additional viscous parameters can be readily obtained from standard laboratory tests.
The model has three surfaces with the same shape and orientation describing the soil
behaviour (see Figure 3.7) and an associated flow rule. The failure criterion is altered
from the original version of SCLAY1S by introducing the modified Lode angle formulation
of M(θα) in Equation (3.8), giving a shape similar to the Matsuoka and Nakai failure
criterion in the π–plane. This modification predicts better the influence of the intermediate
principal stress (σ2) in the soil behaviour.
M (θα) = Mc
(
2m4




〈dεpv〉 = 0 for or dεpv < 0.
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where m is the ratio between the extension and compression critical state line Me/Mc
and sin 3θα is given in Equation (3.9).










where J2α and J3α are the second and third invariants of the modified deviatoric stress
(q − αp′).
As described by Sivasithamparam et al. (2015), the CREEP-SCLAY1S model differs from
traditional elasto-plastic models, as it does not have a consistency condition to satisfy (i.e.
there is no purely elastic domain and a fixed yield criterion for the onset of plastic strains).
Therefore, elastic and viscoplastic strains take part at all time within a reference surface
called the Normal Consolidation Surface (NCS). The stress path can overshoot the NCS
depending on the rate of loading (over-stress type model). Within the Current Stress
Surface (CSS) the soil will behave mainly elastic. During loading, with a stress path
moving the CSS towards NCS, the viscoplastic strains will start to become significant
and the Intrinsic Compression Surface (ICS) will expand or shrink depending on the flow
rule (i.e. normal strain vector direction). As the stress path crosses through the NCS,
large creep strains will develop. The critical state will be unique in the stress space and














Figure 3.7: CREEP-SCLAY1S surfaces (adopted from Gras et al. (In press))
The viscoplastic strains are analogous to the plastic strains in traditional elasto-plastic
models. The total strains rates are given by adding the elastic and viscoplastic (creep)
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where ε̇v and ε̇d are the volumetric and deviatoric elastic (superscript e) and creep
(superscript c) strains.
The creep strains are calculated using the associated flow rule and the concept of constant


















where µ∗i is modified intrinsic creep index measured in the εv–ln t plane or transformed
with Equation (3.13), τ is the reference time relating to the duration of the load steps in
the 1D compression test used to obtain µ∗i and the apparent pre-consolidation pressure,
β is the ratio in Equation (3.14), M(θα) is the Lode angle failure criterion, αKnc0 is the
inclination of the ellipses in the normally consolidated state, and ηKnc0 is the actual stress
ratio q/p′ in the 1D normally consolidated stress path.
µ∗ =
Cα






The CREEP-SCLAY1S has three hardening rules similar to the SCLAY1S model. Their
formulation is analogous, with the plastic strains εp replaced with the creep strains εc.
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Model parameters
The SCLAY1S and CREEP-SCLAY1S model parameters are listed in Table 3.1.
Table 3.1: Parameter description for SCLAY1S and CREEP-SCLAY1S.
Isotropic parameters (MCC)
κ∗ Slope of the unload-reload line in εv–lnσ′v space for 1D compression.
λ∗ Slope of the post–yield compression line in εv–lnσ′v space for 1D compression.
λ∗i Same as λ∗ for remoulded soil.
v′ Drained Poisson’s ratio (purely elastic).
Mc Stress ratio at critical state in triaxial compression.
Me Stress ratio at critical state in triaxial extension.
Anisotropic parameters (SCLAY1)
α0 Initial inclination of the yield surface.
ω Absolute effectiveness of rotational hardening.
ωd Relative effectiveness of rotational hardening in respect to εpd.
Destructuration parameters (SCLAY1S)
χ0 Initial bond amount.
ξ Absolute rate of destructuration.
ξd Relative rate of destructuration in respect to εpd.
Viscous parameters (CREEP-SCLAY1S)
µ∗ modified creep index for a given working stress.
µ∗i modified creep index for remoulded soil.
τ reference time.
Initial conditions
σ′pc Pre-consolidation pressure corresponding to reference time τ .
OCR Over-consolidation ratio.
POP Pre-overburden pressure.
e0 Initial void ratio (not affecting the model predictions).
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4 Long-term field test
A field test was used to study the long-term behaviour of model piles under sustained
tension loads. The field test was preferred as it incorporates all the stages of the pile
cycle described in previous Chapters. Furthermore, the soil is in its natural state and
under the proper stress conditions in relation to deep excavation projects. The first part
of this Chapter describes the site and soil characterization. Subsequently the model piles
and loading setup is presented.
4.1 The test site
The test site was located at Marieholm, Gothenburg, within the construction perimeter
of the contractor PEAB AB for the Marieholm connection project (Figure 4.1). The
available area for the test was circa 150 m2. The surrounding area has been an active
construction site in the recent years (e.g. Partihall connection project). As a consequence,
the soil has a complex loading history which is not completely known. However, most of
the impact from previous works is expected to be close to the ground surface. On-going
settlements in the area are low with rates below <1mm/year (Trafikverket 2014; see
Appendix). Therefore negative skin friction should not affect the measurements within
the period concerned here.
(a) The site was located north of the central
station (red circle)
(b) Zoom of field test at the PEAB AB
working site (red pentagon)
Figure 4.1: Site location at Marieholm, Gothenburg (Waterloogatan, coordinates 6402173,
321345 – SWEREF99 system).
The selected location is part of the extensive Göta river sedimentation basin, which
extends all the way to Gothenburg’s central train station where the West link tunnel will
be built. Hence this site presented similar soil conditions to those of interest for future
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construction. The ground level is at +11.4 m above sea level, with the first 1.9 – 2.0
meters of fill material (mix of gravel, sand, silt and clay), followed by a thin stiff clay
layer of approximately 0.3 m. Thereafter, deep deposits of rather homogeneous and young
(in geological time ≈ 11,000 years) post-glacial and glacial clays can be found up to 100
meters deep (Klingberg et al. 2006).
Based on previous soil investigations near the site, the boundary between the post-glacial
and glacial clay is estimated to be around 10 m deep. Focus is given to the glacial clay,
as excavations for the West link project will be generally 15 – 25 m deep. Therefore,
the piles were installed to deep soil layers, with the pile head 13 m below the ground
surface. At this depth the clay has high sulphide content, consequently it has a dark grey
or black colour as shown in Figure 4.2. This can be attributed to the presence of organic
matter during the sedimentation period and the anaerobic decomposition process that
generated hydrogen sulphide. The latter reacted with the iron in the soil forming iron
mono-sulphide (FeS) and pyrite (FeS2) (Müller 2010).
(a) Filling material (b) Sulphide clay
Figure 4.2: Soil from test site at Marieholm, Gothenburg
4.2 Soil characterisation
The Marieholm deposit has previously been characterised in relation to other construction
projects. The clay in this area is rather homogeneous, slightly over-consolidated and with
increasing shear strength with depth. Undrained shear strength data from field vane shear
tests and DSS from these investigations were initially used in the preliminary design of the
test piles considered here (Trafikverket 2014). The data was selected as close as possible
to the test site, assuming an equal stress history for all levels below +11.4 m. All data is
referred to +11.4 m, which was the ground surface level at the test site (i.e. 0 m depth).
An overview with the selected in-situ tests and boreholes is given in the Appendix.
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In addition to this desk study derived data, new in-situ and laboratory tests were performed
to test the soil exactly where the piles were installed. A field vane shear test (V t), a
piezo-cone penetration test (CPTu) and extraction of natural soil samples using the
Swedish piston sampler ST2 were conducted prior to the pile installation and after the
pile set-up period. The first sample extraction and in-situ tests were executed between
2014-04-07 and 2014-04-08, and a second borehole taken in 2014-09-03. All new tests are
coded as CTH-TP1 and CTH-TP2.
4.2.1 In-situ tests
The field vane shear test was done following the Swedish guideline SGF 2:93E (SGF 1993).
The vane had blades of d=100 mm and h=200 mm, which were first pushed to the desired
depth and left to rest for 5 minutes before applying torque. During shearing, the rate of
rotation was controlled until the peak strength was reached within 2 to 4 min. Therefore,
the shear rate was not constant as the shear strength increased with depth. After the
peak was reached the vane was rotated further by 20◦ – 30◦ to study the softening of the
clay and evaluate the residual load. The undrained shear strength was calculated using





Su = µ · τv (4.2)
where Mmax is the peak measured torque, D is the vane diameter (blades), τv is the
calculated uncorrected undrained shear strength and Su is the corrected undrained shear
strength.
The CPTu test has been evaluated using the Swedish guideline SGI-INFO-15 (Larsson
2007). Equation (4.3) is used for the calculation of the undrained shear strength (Su)
and Equation (4.4) for estimating the pre-consolidation pressure. An OCR=1.3 and an














where qt is the cone tip pressure resistance, σv0 is the in-situ total vertical stress, wL is
the clay liquid limit and OCR is the apparent pre-consolidation pressure (σ′pc/σ′v0).
The measurements for the V t and CPTu are presented in Figure 4.3. The uncorrected
vane results approximate the laboratory DSS values. After an additional rotation of 25◦
following peak, the residual strength for the vane reduced to 50% of the peak value for the
whole depth. The CPTu exhibit the same trend as the V t, however the shear strength is
much lower. This lower strength is closer to the residual strength in the vane test. An
additional CPTu test from previous investigations is presented for comparison. Again
the same trend is observed but lower shear strength compared to the uncorrected vane
test. It is hard to explain this large difference between these in-situ testing methods.
Most probably the CPTu interpretation methods used in Sweden are falling behind the
international state-of-art.






















Figure 4.3: Undrained shear strength from vane, CPTu and DSS.
4.2.2 Element testing
The natural soil samples were obtained using the Swedish STII piston sampler, with
diameter 50 mm and three sample tubes of length 170 mm. These were preserved in
a relative humidity RH and temperature T controlled room (T=7◦C and RH > 90%).
All advanced tests were performed at Chalmers Geotechnical laboratory under similar
temperature controlled conditions. For all sampled levels, routine tests were performed,
measuring density, water content, plasticity and undrained shear strength from the fall
cone test. These results are shown in Figure 4.4. In addition, Table 4.1 shows the number
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of laboratory tests performed with more advanced test procedures.
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Figure 4.4: Marieholm clay properties.
The DSS test perhaps is most representative of the pile-soil interface shear strength
(Randolph and Wroth 1981). However, laboratory tests on natural samples are not similar
to conditions after pile installation (Hunt et al. 2002). Nevertheless, the results from these
tests showed peak values that were in line with the uncorrected vane shear test results
shown in Figures 4.3 and 4.5. These peaks took place at 5 to 8% shear strain and were
followed by some limited softening.
The constant rate of strain (CRS) and incremental loading (IL) oedometer tests helped to
identify the apparent pre-consolidation pressure (σ′pc) and the soil behaviour under one
dimensional (1D) compression. All CRS tests had a displacement rate of 0.0024 mm/min
and the IL stepwise loading used load steps of 24 h duration. The Sällfors and Casagrande
methods (Sällfors and Andreasson 1985) were used to evaluate σ′pc from the CRS tests.
As shown in Figure 4.6a in linear scale, the samples have a clear transition from stiff to
more compliant compression response, with the yield point at stresses larger than in-situ
conditions. For the CRS test the apparent over-consolidation ratio (OCR) lies between
1.3 to 1.4 (see Figure 4.7b). For some of the IL tests in Figure 4.7a the σ′pc was not clearly
identified, indicating the clay to be normally consolidated. The latter can be attributed
to rather large load steps before and after the apparent pre-consolidation pressure. This
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Table 4.1: Laboratory tests from the test site soil.
Depth [m] IL CRS DSS CAUC CAUE
13 1 1 (1)* - 1 -
14 1 1 (1)* 1 1 -
16 1 1 1 1 -
17 1 - - - 1
18 - 1 (1)* 1 - -
22 1 - - - 1
IL: stepwise oedometer, CRS: 1D constant rate of strain oedometer, DSS: direct
simple shear, CAUC: anisotropically consolidated undrained triaxial test sheared
in compression.
* Numbers in parentheses are tests on disturbed samples.

















Figure 4.5: DSS tests at depths similar to the test pile location.
hampered the assessment of the yield point as illustrated in Figure 4.7a (for smaller steps).
In addition to σ′pc, the secondary compression coefficient was determined for each IL step
and are presented in Figure 4.8. Additional results from previous 1D investigations are
plotted in Figure 4.7b together with CTH-TP1.
Undrained triaxial compression tests showed a more significant softening behaviour
compared to DSS after reaching a peak at 1.6-1.8% axial strain. From drained and
undrained triaxial compression tests, an effective critical state friction angle φ′cs,Mc
between 38-41 degrees was found with c′ = 0 (evaluated from p′–q plot). For undrained
triaxial extension tests, the effective critical state friction angle was approximately φ′cs,Me
45 degrees with c′ = 0. The results are presented in Figure 4.9. The clay is contractant,
showing a reduction in volume under shear loading. Undrained conditions do not allow
for volumetric deformations, resulting in an increase in pore water pressure.
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Figure 4.6: Result from 1D compression tests















































pc from CRS (Sällfors method)
Figure 4.7: Results from 1D Constant Rate of Strain compression tests
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Figure 4.8: Results from 1D Incremental Loading (IL) compression tests and creep
parameter µ∗.
60


















CTH–TP1 13m CTH–TP1 14m CTH–TP1 16m
14GT21 11.3m 14GT20 11.4m 14GT21 21.3m
14GT21 21.4m CTH-TP2 17m CTH-TP2 22m
(a)











































Figure 4.9: Results from undrained and drained triaxial compression tests.
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4.2.3 Groundwater monitoring
In order to monitor the pore water pressure evolution during the test, four BAT piezometers
were installed at depths of 11 m, 15 m (two units) and 19 m. Unfortunately, one of the
15 m sensors stopped working after 1 month. Measurement of pore water pressures are
shown in Figure 4.10, together with previous nearby measurements. On average, the
groundwater table is at ≈0.30 m below the surface level and the pore water pressure
is not completely hydrostatic (some excess pore water pressure can still be noticed in
the plots). The excess pore water pressure could be due to (i) remaining excess pore
water pressure from the old filling or a new road embankment next to the site, and/or (ii)
artesian pore water pressure from a possible deep permeable layer. For the depth where
the test pile was located, the ratio between the in-situ and hydrostatic pore pressure
u0/uhs was approximately 1.10.












Hydrostatic z0 = 0.30m




Figure 4.10: Average pore water pressure with depth near and at the site for different
years.
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5 Load test setup
Long-term pile load tests are rarely performed due to the considerable amount of time,
work and costs. Another issue is that in-situ pile load tests cannot be easily generalised
as the results depend on the site, pile type, testing procedures and experimenter (e.g. pile
characteristics, installation method, loading regime). Generally, long-term tests of piles
are performed using kentledge (dead weight) or complex hydraulic loading systems, e.g.
Eide et al. (1961), B.H. Fellenius (1972), Ramalho Ortigao and Randolph (1983), and
Karlsrud, Jensen, et al. (2014). Dead weights require strict safety measures and large
bearing structures. Furthermore, hydraulic systems are costly and prone to control failure,
as the ∆load/∆displacement ratio is very large, requiring continuous work from the
hydraulic pumps to maintain a constant load for small pile head displacements. Therefore,
a new method was developed to overcome the difficulties of traditional approaches.
In the current research a new loading method was developed to overcome some of
aforementioned limitations. This new approach is designed to apply long-term moderate
loads in a robust and simple manner, while being cost-effective and safe. It is based on
utilising the potential energy of a (gas) spring system and Hooke’s law (Equation (5.1)).
Here k is the spring constant related to the spring behaviour that includes the material
and geometry of the spring (Elert 2015). The ideal spring should have a small k in the
working range, such that any additional displacement will only result in a small load
variation (Figure 5.1a with kc). This type of load-control system is commonly used in
piping systems, where changes in fluid flow and temperature can generate large stresses
at the supporting structures.
(a) Behaviour of spring
constant.
(b) Constant load spring hanger,
(www.machinedesign.com).
Figure 5.1: Ideal spring curve and constant spring design.
∆F = −k∆x (5.1)
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where the change in load ∆F depends on the displacement ∆x by a spring constant k.
5.1 Selection of loading method
Many solutions exist for conventional spring elements with several geometries and made of
different materials. Typical spring types are: compression/tension/torsion coils, flat-rolled
(clock spring), flat-stacked (leaf) and disc springs made out of steel, but other materials
are used as well. A somewhat unconventional solution considered here is the gas (air)
spring which are available in multiple geometries and materials. The three most promising
types were studied in the design phase: (1) compression coil springs, (2) disc springs and
(3) pneumatic lifting bags (gas springs). In addition to the load mobilisation, the main
selection criterion for long-term testing is to have a relatively constant load with time by
providing a sufficiently small spring constant in the displacement range of interest. The
advantage and disadvantages of the selected devices are summarised in Table 5.1.
Table 5.1: Springs studied for loading the piles in tension
Spring type Advantage Disadvantage





Versatility in stiffness and
capacity Safety
Small and light Complex load frame
Stress concentration cracks
Lifting bag





Coil springs are widely used today in many mechanical systems. These springs can control
the load in a variable manner or keep it nearly constant. A variable load spring-hanger is
preloaded in compression to a certain level and can take additional load until they are
fully compressed. Within this range the load will change according to the spring constant.
A more suitable coil spring solution is the constant stiffness spring mechanism that keeps
an approximately constant load within a pre-defined displacement range (e.g. in industry
the allowed load deviation is usually within 6%). This is illustrated in Figure 5.1b, where
the principle is to make moment equilibrium between the external force W and the spring
force P (W (R cos γ) = P (r cosβ)).
Both types of springs can be a good solution to the current problem, however, they increase
in size for the desired capacity and a more elaborate reaction frame is required. For
example, to mobilise a 200 kN load, a single steel compression coil spring with dimensions
of 351 mm in diameter, 460 mm in height and coil diameter of 65 mm. The travel distance
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in this spring would be about 360 mm with a load capacity of 196 kN ± 25 kN, giving
k=0.55 kN/mm.
Disc springs are more versatile than compression coil springs as it is possible to configure
a desired non-linear spring stiffness by combining different types of disc springs (geome-
try). As a result the load-displacement curve can be nearly linear or highly non-linear
(degressive). Furthermore, these discs can be stacked in different arrangements to give
the desired loading capacity and travel distance as illustrated in Figure 5.2. For example,
compressing the spring model #190008 from Mubea (www.mubea.com) to 70% of its
initial height gives a travel distance of 3.6 mm per spring and a loading capacity of 70.5
kN. Using two stacks of 25 springs each will give 90 mm travel and 141 kN in loading
capacity. Note that the springs cannot be fully loaded in static loading, since cracks can
develop with time due to stress concentrations. In the current application the disc and
coil springs, while technically feasible, if additional load frames are employed to ensure
safety, proved to be too expensive.
(a) Disk spring stack

















(b) Disk spring behaviour
Figure 5.2: Disk springs.
Finally, a non-conventional air spring was studied. In this case, a pneumatic lifting bag
from Trelleborg AB was selected (see Figure 5.3). These bags are made of high-quality
rubber reinforced with layers of aramid fibre, making them robust and safe to work in the
field. The bags are designed for a maximum of 800 kPa (8 bars) gas pressure and provide
different load capacities depending on the their size (contact area). The bags were found
to be the best solution for the long-term test based on their simplicity, versatility and
low cost. Two bags model TLB32 were used in the current application, with a maximum
capacity of 32 tons for the largest contact area.
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(b) Free form and squeezed bag model
Figure 5.3: Trelleborg AB lifting bags.
5.1.1 Final solution: Lifting bag
The reaction load from the bags is a function of the lifting height (hence the contact area),
the applied gas pressure and the temperature. Three possible loading scenarios for these
bags are considered:
1. Constant pressure: using a constant pressure source, e.g. an electrical air compressor.
2. Constant gas mass: the bags are pre-loaded with a pressure until the target load
and subsequently sealed to keep the same air mass.
3. Constant load: using a regulated pressure source that is adjusted as function of
the pile head load (stepwise/regulated), e.g. solenoid valves and electrical air
compressor.
In the first case, temperature effects will not play any role since the pressure is regulated.
Therefore, the bags can be model by simple equilibrium equations (Equation (5.2)) that are
solely based on volume changes. However, in the second case, the load capacity becomes
more complex since changes in volume and temperature could take place simultaneously.
The effect of temperature is limited (e.g. for ∆T = 20◦C the load change is 3.4 kN).
The last option will keep the load constant, so changes in temperature or volume will
be compensated by the control equipment (when properly designed). These different
scenarios are elaborated in Figure 5.4 for an initial load of 50 kN with a 200 kPa gas
pressure. The constant mass curve only presents the variation from volume change as






where Q is the load generated, Lbag is the contact length of the bag and p is the gas
pressure.
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Figure 5.4: TBL32 load versus displacement curves for different pressure and loading
conditions.










where p is the gas pressure, n is the gas mass, R the gas constant, T the gas temperature
and V the volume occupied. For a fixed mass of gas with constant temperature T , the
volume V occupied by the gas is inversely proportional to the pressure. The gas mass
n and the gas constant R can be combined in a single constant k as shown in Equation
(5.4).
In all cases the equilibrium equations are required to calculate the load. For the latter it is
necessary to obtain the contact area between the bags and the reaction points. This area
was approximated by modelling the bag geometry in three components as illustrated in
Figure 5.3b. First, the bags have a complex shape when fully inflated under free conditions
at very low air pressure (<< 1 bar), with a maximum lifting height based on the bag
model. This complex form was approximated using a sphere, with a modified maximum
height to account for the difference in volume from the true shape. Secondly, the bags
were compressed between two plywood sheets for which a cylinder and a half-circle ring
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are combined in one shape. Thirdly, the assumption of a rigid membrane was required
to impose that both geometrical models have the same surface area. The contact area
diameter Lbag is derived by equalising equation (5.5) and (5.6). The latter was corrected
since the true contact is not fully circular.
The factors for the sphere height R = χR and the contact area radius L = ηL were
calibrated using the loading curves provided by the manufacture. For the TLB32 bag,
the χ and η factors were equal to 1.15 and 1.25, respectively. Based on this model, the














































The basic characteristics of the model pile and relevant soil conditions need to be known
in advance in order to design the most appropriate loading system. For the field test in
this study, two bags were used per pile in order to have more flexibility in the maximum
load and travel distance (i.e. spring constant k).
5.1.2 Adding load control
The initial load regulation was based on the criterion that a maximum deviation of ±10%
of the current applied load could be allowed. In that respect, a nearly constant load was
obtained by just closing the valves of the bag, i.e. constant air mass was applied at the
beginning of each load step. Manual adjustment of the load was required in case the
deviation was close to or at the stated limit.
In order to investigate the difference between non-regulated (±10% variation) and fully
regulated load, a simple control system using solenoid valves, an electrical air compressor
and a control computer was developed. The air compressor and accumulator tank was
mechanically regulated to a constant target pressure. Based on the load cell measurements
the control loop running in LabView sent a digital signal to a relay that controlled
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the valves to the lifting bag. The system was designed to adjust any arbitrary load
variation resulting from the pile head displacement or changes in ambient temperature.
Furthermore, it was safe against power loss problems since the solenoid valves were of the
normally-closed type, with zero differential pressure and low internal leakage. A schematic





















L  = current load
Li = initial load
Lt = load after some time













Set at some 
limit pressure, 
e.g. 2 bar
Figure 5.5: Bag control algorithm implemented in LabVIEW.
5.2 Test piles
The dominant long-term mechanism on the pile interface of floating piles in natural soft
clays is the evolution of the relative displacement between the pile and the soil. Therefore,
short test piles were used to only simulate the pile-soil interaction at the shaft within
a limited length. Longer piles add additional variables that would complicate the test
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interpretation, such as progressive failure, negative skin friction or non-uniform shaft
friction distribution due to soil heterogeneities along the pile length. Furthermore, by
embedding this element in deeper soil layers, surface effects (e.g. from the reaction frame)
are minimised.
The pile elements consisted of six pre-cast reinforced concrete piles of 4.20 m length (1/3
of Swedish standard size) and 0.235 m x 0.235 m cross section. The concrete used for the
piles had a mix designation C50/60. Apart from the steel reinforcement, the pile had a
inspection pipe of 50 mm diameter for the tension loading rod all the way through, and
two tell-tales of 20 mm diameter. One tell-tale pipe reached to the pile middle section
and the other was fixed 0.25 m below the head (see Figure 5.6, 5.7 and 5.8). The bearing
capacity for this short pile was initially estimated using the total stress method with
α = 1. For a natural soft clay with shear strength around 30–40 kPa, the estimated
capacity was in the range of 100–150 kN.
The first 0.2 m (head) of the concrete pile was made of a steel square profile with a
smaller cross section of 0.225 m x 0.225 m. This steel part at the pile head worked as
a joint for the extension element required to penetrate the piles to deep soil layers. For
the latter, an open-end steel pile of 13.5 m length (two 6 m and one 1.5 m section) with
outer diameter of 0.220 m was used. At the same time, this pile served as a casing for
the instrumentation cables, tell-tales and tension loading rod coming from the concrete
piles. By joining the concrete and steel piles as a single element during installation, it
was possible to achieve the proper installation effects and kept the clay from intruding
into the open-end steel pile. After the target depth was reached, the extension pile was
pulled back, detaching both piles with a gap remaining of 0.10 to 0.15 m.
A steel tension loading rod (GWS type made by Skanska AB) with diameter ∅ = 32 mm
applied the tension load at the toe of the element and was guided to the surface level
through the inspection pipe. In this way the concrete is compressed and tension cracks
are avoided, keeping the material as a continuum without strain localisation. The weight
of one pile element including the tension loading rod was approximately 6.45 kN.
5.3 Load frame
The load frame consisted of two HEB260 steel beams resting on top of the bags and
connected to the tension loading rod as shown in Figure 5.8. The bags were located
between two double-layered waterproof plywood sheets and rested on top of a 0.30 m
height timber mat. Pressurising the bags pushed the beams upwards, pulling the pile and
creating a reaction load against the ground surface below the bags. Care was taken in
centering the rod together with the frame in order to avoid eccentricity during loading.
The loading capacity of the frame is proportional to the number of bags and the configu-
ration of the bag (pressure and contact area) and can be scaled as desired. The actual
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(a) Concrete+steel fit for extension pile (b) Cross-section (mm)
Figure 5.6: Pile elements.
and one ideal configuration are shown in Figure 5.9 with their respective capacity based
on a selected pressure and initial lifting height of the bags. Two bags can balance in the
vertical y-direction, keeping the frame straight. However, if the rod is not centred, the
frame can tilt. The latter is not a problem in case of four bags, as these balance in both
directions. Finally, it is important that the bags can redistribute the load on the ground
level without inducing excessive settlement. Simple 1D calculations for a load of 50 kN
under each bag with 1 m2 contact area resulted in approximately 5 cm of ground surface
settlement, distributed within the first 5 meters below.
5.4 Instrumentation
The piles were instrumented with strain gauges, pore pressure transducers and tell-tale
rods. The tension load was measured using ring load cells and the displacement with
linear potentiometers (LP) and mechanical dials. All instrumentation is listed in Table
5.2.
The strain gauges were used for estimating the load distribution along the pile length by
measuring the strains in the reinforcement steel bars (assuming plane sections remain
plane). In house sister bars of 0.50 m length and ∅ = 16 mm diameter, were tied to
the main rebar as shown in Figure 5.10. First, the bars were polished in the centre
area using a lathe, then the strain gauges were glued and then sealed with a silicon





























Figure 5.7: Boundary conditions of a single pile in the field test.
thick aluminum foil (ABM75 HBM) was applied to ensure the full sealing of the strain
gauges. The sister bars length was selected based on the development/embedment length
of reinforcement according to the American Concrete Institute (ACI) 318 code. Each pile
had three measurement points along the shaft, located at h= 0.5 m, 1.5 m and 2.5 m
from the pile toe. At each level two sister bars were attached opposite to each other in
order to have redundancy in the system. The gauges were configured as half-bridge, with
one gauge in the axial direction and the other horizontal, to compensate for Poisson’s
ratio and temperature effects. A connection diagram of a half-bridge strain gauge and
the data logger is shown in Figure 5.11.
Pore pressure transducers were installed at the pile shaft as shown in Figure 5.12. These
measured the excess pore water pressure after installation, under the set-up period and
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Figure 5.8: Loading frame parts at ground level (left) and concrete pile head details (right).
Figure 5.9: Illustration of possible bag configurations. Four bags give a stable frame against
eccentricity as compared to two bags.
the pile shaft, and were located at the mid and/or bottom of the piles (h= 2 m and/or
0.1 m above the pile toe). The transducer and stainless steel sintered filter stone were
saturated with glycerine oil before the installation. This viscous liquid maintained the
saturation during the lifting and installation of the piles.
The pile displacement was monitored using the LPs, dial gauges and tell-tales. The LPs
were placed on top of the plate that connected the tension loading rod with the H-beams.
At this measuring point, an additional elastic displacement component from the tension
loading rod was indirectly incorporated in the measurements (to be corrected in the
results).
The mechanical dial measured directly the tell-tales. The tell-tales were steel pipes of
∅ = 20 mm going from the ground level to two selected levels, namely the pile head and
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(a) (b)
Figure 5.10: Strain gauges glued to sister rebars.
Figure 5.11: Half-bridge strain gauges connection diagram to the NI 9237 module.
the pile mid-section. A special mounting was designed to fix the dial gauges to the steel
extension pile. This allowed removal of the dials after each measurement while keeping the
same fix for subsequent measurements. The accuracy of this method was approximately
±0.10 mm.
The fixed points used for measuring the relative displacement between the pile-soil interface
were the steel extension piles and an aluminium beam going above the loading frame,
resting on two steel holders supported at ground level. These points were considered
stable and relatively fixed in space and with time. Levelling was done to control these
fixed points using a digital level instrument and a reference point located on a nearby
bridge foundation.
5.5 Data logging - local and remote
All instruments were connected to a National Instrument Data Acquisition (DAQ) system
model NI-cDAQ9178 equipped with two NI9219 and two NI9237 modules. Both modules
had four differential channels with 24-bit resolution that convert analogue input signals
to digital. The DAQ chassis was grounded to one of the steel extension piles at the site.
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Figure 5.12: Pore water pressure transducer mount design at pile shaft.
The data was processed with a custom made LabView application before storage and
visualisation. The data was stored in the field computer and a manually back-up every
month. In addition, the computer was connected to the internet with a 4G USB modem.
The latter gave the possibility to check the data live using a remote desktop viewer called
join.me and to back up the measurements in the cloud using Dropbox. Furthermore, the
computer was controlled remotely with Google Remote Desktop and a script was made
using Autoit to automatically restart the measurements in case of a power loss.
5.6 Calibration
All the equipment was calibrated before the start of the experiment. The linear poten-
tiometers, load cells and pore pressure transducers were calibrated at the Geotechnical
and Concrete laboratories of Chalmers University of Technology. All devices performed
within the specifications.
A model pile of 1 meter long was used to evaluate the strain gauges performance, and the
stiffness of the concrete cross section. The strain gauges were glued directly to the main
reinforcement steel at the mid level. The test was performed at the Concrete laboratory
of the SP Technical Research Institute 156 days after casting. The pile was compressed
axially without lateral support. The results are shown in Figure 5.13 for two loading
cycles up to 500 kN. Non-linearity was found in the elastic modulus of the reinforced
concrete specially under the expected working range. As observed, E ranged from 28–33
GPa for the 200 kN load cycle. The modulus was related to the strains following the same
procedure as suggested by B.H. Fellenius (2001). The two strain gauges show different
Etan, this can be due to bending moments or that the reinforcement was not vertically
aligned during casting and after curing.
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Table 5.2: Instrumentation of field test

















Temperature -30 to +85 C◦
Dial gauges
20mm Mitutoyo Accuracy ± 0.01 mm





Creep (30 min) <0.5 %FS,
Temperature -10 to +50 C◦
Pore pressure




Accuracy ± 1 %FS,
Linearity < ± 0.25 %FS,
Hysteresis < ± 0.2 %FS,







µm/m, Gage factor 2.04 ± 1
%, Transverse sensitivity 0.2
%
Levelling DNA03 Leica Accuracy ± 1 mm/km
Temperature
(Air) USB TH10 EXTECH –
1 FS= Full scale
76
















SG1, HB, Etan = 33.5
SG2, HB, Etan = 28.6
















SG1, HB, Etan = 32.1
SG2, HB, Etan = 25.2
















SG1+SG2, Eitan = 35.6, A = 0.086
















SG1+SG2, Eitan = 36.4, A = 0.033
Figure 5.13: Compression of 1 meter model pile: (a) Load cycle 200 kN, (b) Etan as f(ε)
for 200 kN, (c) Load cycle 500 kN, (d) Etan as f(ε) for 500 kN.
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5.7 Protocols and execution of pile load tests
Piles 1 to 5 were installed at the site between 2014-04-10 and 2014-04-14, and Pile 6
on 2014-04-30. First, a hole through the filling material was created using a 2 meter
long close-ended steel pile. This cleared any material from the fill that could hamper
the installation of the concrete piles. Subsequently the extension steel pile and concrete
pile were driven through the clay with a Junttan PM23lc pile driving rig that had a ram
weight of 4 tons. The clay was very soft and the pile could sink just with the ram weight.
Just a few blows were required when approaching the final depth. The extension pile was
penetrated until 50 cm remained above the ground surface and immediately pulled back
another 10 – 15 cm in order to detach it from the concrete test pile (but still keeping the
sections inside the 20 cm high steel square joint). A steel plate was welded around the
extension pile at ground level in order to avoid the pile sinking back directly after the
pull-back. The plan view of the field arrangement is illustrated in Figure 5.14.
A fill layer of 0.30 – 0.40 m was laid on the ground to level the area and to form a base for
the loading frame. This was done in two stages, one at 2014-09-01 and other 2014-09-30,
equivalent to 4.5–5 months after installation of the piles. On top of the fill, a timber
mat was installed for the lifting bags and to help redistribute the reaction loads into the
ground.






















Figure 5.14: Plan view of the pile field test and the in-situ test investigation.
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5.7.1 Short-term (ST) pile load tests
Knowledge on the short-term behaviour is required as a reference for the long-term loading.
In this case, an estimate of the ultimate bearing capacity (Qult) prior to loading was
calculated using the α–method. Characteristic values from DSS and vane shear test for Su
were used, with an average Su value of 30 kPa along the pile shaft and α=0.9. This resulted
in Qestult equal to 106.5 kN. A safety factor of 1.1 was used, giving a possible maximum
Qestult equal to 117 kN. The short-term tests were planned following this approximation.
In Sweden there is no specific standard for static load testing of piles neither in tension
or compression. The pile commission report number 59 for static load testing (PK-R59,
Anvisningar för provpålning med efterföljande provbelastning) is a guideline that mainly
refers to static load testing of piles loaded in compression (PK-R59 1980). Looking at
the international literature, it seems that there is not yet a defined standard for tension
loaded piles. For example, the ISO is still working on a specific standard for tension
loaded piles, under the TC182 committee, subcommittee SC1, project 224777. Therefore,
it was decided to follow the Swedish guidelines even for tension loads as previous local
experience showed reasonable results (Bengtsson and Sällfors 1983).
PK-R59 recommends a pile set-up period of 4 to 6 months before the test. Thereafter, the
pile can be loaded using the quick maintained load method (QML). This approach loads
the pile with small increments (5-10% of Qestult), holding the load for a short period of 15
minutes. After each load step, the measured pile displacement is mainly a result of the
elasto-plastic response (in shear) of the soil and the pile elastic deformation. Therefore,
very little consolidation and negligible creep takes place at this loading rate. The ultimate
bearing capacity for a tension pile is reached when its shaft friction is fully mobilised. It
is known from experience that small pile head displacements of 2 – 4 mm (or 1 to 2% of
the pile equivalent diameter) are sufficient to reach this maximum, followed by a softening
effect and/or slip at the pile shaft (Tomlinson and Woodward 2014).
The above procedure gives the load-displacement curve for the tested pile. Using the
accumulated displacement of the last 3 to 6 minutes of each load step, a curve is obtained
for the rate of displacement as a function of applied load. From this curve the “creep
load” is evaluated as the point with the smallest radius of curvature.
A preliminary test was performed to test the functionality of the bags and the loading
system. The maximum load applied in this test was 60 kN, which did not show any
significant pile displacement. Based on this test, it was decided to start loading the piles
from a first step of 20 to 50% of Qestult and then with load steps of 10-15%. All short-term
tests are listed in Table 5.3 and the test protocol for each pile is shown in Figure 5.15.
Two piles were used for short-term testing and a total of three tests were carried out to
determine Qult. The first test (ST6A) presented problems with the measurement system.
Therefore, a second test was conducted to validate the results (ST5A). The third test
(ST6B) was aimed at studying the recovery of the bearing capacity of a previously tested
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(failed) pile (ST6A).
Table 5.3: Short-term pile tests
Pile # Test Note tsetup (days)
5 ST5A After set-up 207
6 ST6A After set-up 165ST6B After ST6A+new set-up period 206
















Figure 5.15: Test protocol for short-term QML tests.
5.7.2 Long-term (LT) pile load tests
The long-term tests are the main focus of this Thesis. These tests were designed to
capture the creep displacements of the tension loaded pile section as a function of the
applied load and holding time. In addition, the long-term bearing capacity is studied
after a period of sustained load by loading the pile to failure.
The four remaining piles were used for the long-term tests. These piles had a pile setup
period of 215 days. Based on the ultimate bearing capacity obtained from the short-term
tests, the bags were initially configured to start with a lifting height around 125 mm and
an air pressure in the range of 100–200 kPa (1 – 2 bars). This configuration gave a spring
constant between 0.15–0.30 kN/mm and 0.08 kN/C◦, which is rather small. Therefore,
the loads were manually regulated instead of having a constant-load control system as
the set-up was sufficiently compliant. The maximum allowed change in load was ±10% of
the current load level.
80
An additional pile was tested with a fully controlled load in order to compare the manual
regulated results. Pile 5 was reused after resting for 184 days following its short-term
test (391 days after installation). The load was kept constant in time using the system
described in Section 5.1.2. LPs measurements were performed directly on the tell-tales
since these were more stable reading points.
All piles were pre-loaded with 8-10 kN in order to remove the slack in all the joints of
the loading frame. After that, the LPs and dials were zeroed and the piles were loaded
to the target load levels given in Table 5.4. Different mobilisation ratios were selected
to evaluate the creep rate as function of Qult. The hold time for each load step was
evaluated according to two criteria:
• the displacement rate was lower than 0.01 mm/h, which is thirty times lower than
the recommended rate of 0.30 mm/hour in the ISO 22477-1 standard (Standards
2016) for static maintained load test (ML);
• until the displacement-time curve showed a tendency to reach an asymptote (in a
linear plot).
Table 5.4: Long-term loading ratio Q/Qult (%)
Pilesa
Step 1 2 3 4 51
1 65 50 70 45 50
2 80 60 80 80* 60
3 95 80 85* 90 70
4 - 90 - - 80
5 - - - - 90
a After each load step in Pile 1 – 4, the load changed with time
and was adjusted manually at irregular intervals.
1 Pile 5 was pre-failed in ST and set-up for 184 days. For LT
test the load was regulated at all time with solenoid vales.
* First unloaded to 0 kN and then reloaded to new step.
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6 Results from field test
6.1 Data acquisition and processing
The experimental data obtained from the field tests consisted of displacement, strain,
load and pore water pressure measurements. A total of 16 channels were available at
the field for logging the data. This number of channels was sufficient for the single piles
during short-term tests. However, for the four simultaneously loaded piles with sustained
loads, not all devices could be logged due to the limited channel quota. Therefore, the
channels were distributed as follows: 4 load cells and 4 LPs (one per pile), 2 pore water
pressure transducers and 3 strain gauges for Pile 1, and 1 pore water pressure transducer
for Pile 2.
The configurations for the data logger for both the short- and long-term tests are given
in Table 6.1. These configurations were based on the observations from a preliminary
test (see Section 5.7.1) and in order to measure slowly varying processes under sustained
loading. Each sample stored at every time tsample corresponds to the arithmetic mean of
f samples that were first smoothed using a moving average filter with a window of 20%
of f .
Table 6.1: Configuration of data logger NI-cDAQ9178
Parameters Short-term Long-term
Sampling rate [Hz], f 50 50
Logging steps [s], tsample 30
30 and
600–9001
1 the first time step is valid for the first 24 hours of each stage.
Most instrumentation was stable during the short- and long-term tests. However, un-
foreseen variables affected the measurements, for example tilting of the steel frame due
to load eccentricity and condensation in the electronic enclosures for the strain gauges
and load cells. In addition, the piles were loaded at the beginning of the winter season
and the temperature fluctuations only started to become more noticeable in the following
months. This variation affected the experiment by changing the pile load (air pressure in
the bags) and by creating some noise/drift in some of the electronic devices. The stability
of each instrument is shown in Table 6.2 and details of the unforeseen variables given in
the following Section.
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Table 6.2: Instrumentation stability
Pile # Long-term Short-term
1 2 3 4 5B 5A 6A 6B
LP D/E S E S S S E S
Load cell S S S S D S S S
Pore water1 S/D S/D - - - - - -
Strain
gauges D - - - S S F S
Tell-tales S S S S S S - -
S: stable, F: failed, D: drift, E: erroneous reference, –:N/A
1 The PWP were located at the middle (m) or bottom (b) of the pile shaft.
Displacements measurements
The linear potentiometers measured against the top plate of the loading frame as illustrated
in Figure 6.1a. At this point the measured displacement corresponds to the toe, and was
the result of (1) the elastic extension of the steel pulling rod, (2) the pile element elastic
compression (concrete), (3) the relative movement of the pile against the soil due to the
soil elasto-viscoplastic response (elasticity, consolidation and creep), and/or (4) the tilting
of the steel frame due to load eccentricity. On the other hand, the tell-tale measurements
only captured components (2) and (3) as the dials/LPs were fixed to the extension steel
pile (see Figure 6.1b). Therefore, the latter are considered the “real” displacement since
these are isolated from the frame or pulling rod. As result, measurements at the loading
frame top plate were corrected using the tell-tale measurements as reference (average
of mid and head). For this process, the trend was preserved while the magnitude was
corrected according to the manual dial measurements. The procedures are described
below keeping in mind that there is some inherent uncertainties in the continuous data
even after this correction.
1. Elastic displacement component from the pulling rod. The pile load was applied at
the toe of the concrete pile using a GWS steel rod, which had a length of ≈ 18.5
meters for all piles. Based on the steel elastic modulus of 210 GPa, for each kN
applied the elongation of the rod was ≈ 0.11 mm. This additional component was
subtracted from the LPs raw data as a function of the applied load.
2. Load frame tilting. In some occasions, the loading frame tilted along its short
axis (see Figure 6.2). The tilting was observed directly after load application and
remained nearly constant thereafter. The amount of tilting was identified by dif-
ferentiating the LP and the dial (tell-tale) measurements at the beginning of each
stage. This difference was subtracted from the data series for each stage.
Two mechanical dials were used to measure the tell-tale displacements. A fixed mount for
the dials was built for each pile in order to reuse the same dials for manually monitoring
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(a) LP at top plate (b) Fix for dial gauges
Figure 6.1: Loading frame details.
all piles (see Figure 6.1b). The difference in magnitude between the middle and top
tell-tale was in a range of 0.30–0.60 mm. This difference is considered too large, since it
will be equivalent to a change in load from the pile middle to head equal to ≈ 225-450
kN (F = σA = εEA = ∆δEA/(0.5L)). Hence, the latter is clearly an inaccuracy in
the measurements. This difference is the result of the accumulated error from using a
non-fixed dial. The average of the tell-tales is presented herein and is considered as the
stable pile head displacement. For such a short pile element, the difference between the
toe and head displacement is minimal based on the concrete compression.
Levelling was done to control the fixed points used to measure the pile-soil relative
movements. The far field fixed point was a nearby bridge abutment founded on long piles.
This point was assumed to be locked in space during the experiment time. The fixed
points near the piles were the shallow supports for the crossing aluminium beam and the
steel extension piles in the soil. From these points, the latter were the most reliable ones,
with recorded movements varying with ±1 mm on average as shown in Figure 6.3. On the
other hand, the shallow supports showed large movements and differential settlements.
Therefore, only measurements relative to the extension pile are presented.
Load and pore water pressure
The ring load cells were very stable during the short- and long-term tests, with little noise
and negligible drift. However, during the first short-term test (ST6A), condensation in
the electrical enclosure (cable joint connections) influenced the load measurements. This
was avoided in all subsequent tests by properly sealing these enclosures.
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Figure 6.2: Picture illustrating the tilting of the load frame to the left with reference to
the timber mat.
All pore pressure transducers were functional during the pile installation and set-up period.
During the long-term loading, only three pore pressure transducers were used. In some
occasions, these did not give any measurements.
Strains in pile element
Measurement of the strains in the concrete pile can be a complicated and resource
demanding. For each measurement level it is recommended to have at least three full-
bridge gauges separated by 120◦ (compensating for temperature, Poisson’s ratio and
bending moments). These strain gauges should be aligned in the vertical axis and
positioned at the exact same level in the three positions. The latter is difficult to achieve
since the strain gauges are glued to the main or sister rebars which are not 100% vertically
and horizontally aligned.
In the tests presented herein a simplified set-up was used, consisting of half-bridge strain
gauges glued to sister rebars and connected to the logger by cables of 15 to 20 meters long.
Two sister rebars were used at each measuring level, with only one being recorded at a
time due to the limited channel quota (the second was for redundancy). As consequence
of the selected configuration, the measurement presented could be affected by bending
moments and temperature effects.
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Figure 6.3: Levelling of steel extension piles (accuracy ±1 mm/km)
6.2 Installation and set-up measurements
The excess pore water pressure was measured directly after installation and at irregular
intervals during the equalisation time as shown in Figure 6.4. It can be seen that the
excess pore pressure ∆u is approximately double that of the initial in-situ conditions u0.
In relation to the in-situ effective vertical stress, ∆u/σ′v0 ≈ 1.4 at the pile mid section (15
m below the ground surface) and ∆u/σ′v0 ≈ 1.5 at the pile toe (17 m below the ground
surface). This is in good agreement with the results from previous investigation presented
in Table 2.2.
The equalisation time was approximately two months after the pile installation. This
time was compared to the analytical charts given by Randolph, Carter, et al. (1979) for a
linear elastic soil under consolidation with a ratio G/Su = 150, permeability k = 1e− 9
m/s, Poisson’s ratio 0.2 and Su = 30 kPa. The latter resulted in an equalisation time
of approximately 44 days, which is in good agreement with the measurements. For
the long-term tests there were some periods where the transducers stopped working
(temporarily). The reason for such problem in the measurement is not yet clear. One
possible explanation can be the infiltration of water inside the canister.
6.3 Short-term tension load test results (ULS)
The short-term tests studied the ultimate tension bearing capacity of the piles after the
set-up period using the test procedure described in Chapter 5. These tests served as a base
reference for comparing the long-term tests. Two tests were performed using first-time
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Figure 6.4: Excess pore pressure after installation and equalization period at the pile shaft.
Transducer at pile shaft and BAT (B; average) in the vicinity.
loaded piles, while a third test was repeated using an already loaded (failed) pile. The
set-up period was comparable for all tests. The results for the three piles are shown in
Figure 6.5.
Pile 6 - test A
Test ST6A was the first pile load test. For this pile no tell-tales were available and all
measurements were performed at the top plate of the loading frame (equivalent to the toe
displacements). Note that for these short pile elements, the difference between the toe and
head displacement is less than 0.2 mm (concrete compression). During testing, the frame
tilted significantly and condensation built up in the electrical enclosure. These problems
affected the displacement and strain gauge measurements to a large extent, with smaller
effects on the load. Therefore, the complete load-displacement curve was considered
unreliable, and only the final failure load and the average accumulated displacement given
by manual levelling and dial measurements is presented. The net ultimate tension bearing
capacity for ST6A was Qult = 100.8 kN, with an accumulated average toe movement at
the onset of failure of ≈ 4.5 mm ± 2 mm. During the last load step, it took approximately
4 minutes before the pile showed a rapid increase in the displacement rate where the
applied load no longer could be sustained.
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Figure 6.5: Short-term loading of Piles 5 and 6 (TT is tell-tale, LP is linear potentiometer).
Pile 5 - test A
As a result of the difficulties with test ST6A, a second test was done, namely ST5A.
This pile was equipped with tell-tales and strain gauges. Particular care was taken to
seal all connections from humidity and to centre the loading frame. No problems were
encountered and the result for Qult was in line with that obtained in ST6A, together with
better data on the displacement. First, an unloading-reloading stage was performed at
60 kN, showing a recovery of the accumulated displacement up to that load. Thereafter,
the pile was loaded to failure resulting in a net ultimate tension bearing capacity of
Qult=105.6 kN, with an average tell-tale displacement of ≈ 8 mm at failure. However,
in the previous load step of 94.8 kN, the pile displacement rate was already very large
at ≈ 4 mm of accumulated displacement. It is believed that the pile could had failed if
the holding period was taken longer than 15 minutes. Nevertheless, the last load step
was held for approximately 2.5 minutes, thereafter the pile started to slip. As the pile
slipped during failure, the lifting height of the bags increased, decreasing the applied load.
The slipping halted 1 minute after the pile was self-unloaded to 74.5 kN. The latter load
represent the residual resistance at the shaft (Qres). The ratio between Qres/Qult is 0.71
or 0.79 for Qult = 95 kN.
The head and mid element tell-tales showed some difference in their magnitudes as a
function of applied load. For the last load step, this difference was 0.15 mm for the top
half of the pile (or in average 75 micro-strains with δ/0.5L), which in turn is equivalent to
≈ 120 kN. This load is larger than the applied load and can be attributed to the accuracy
of the measurements. As result, the average of the tell-tales was used for the pile head
displacement. The creep load was evaluated following the Swedish pile testing guidelines
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as described in Section 5.7.1. In this case, a bi-linear curve was fitted in the scatter plot
of the accumulated creep displacement for the last 6 minutes of each load step as shown
in Figure 6.6. The creep load range between 80 to 85 kN, with the intersection point at
83 kN.

























Figure 6.6: Accumulated creep displacement for the last 6 minutes of each load step for
Piles 5 and 6.
Test ST5A was equipped with strain gauges. Their measurements are shown in Figure 6.7
corresponding to the two half-bridge arrays along the pile shaft. The load distribution
is different in both sides, indicating that (1) the pile experience some bending or (2)
some of the strain gauges are faulty or aligned with the load resultant. One side had
an approximately linear decrease in load with increasing distance h from the toe up to
the pile head. However, the other side showed a decrease in load just above the toe,
followed by an increase of load above the pile mid height. Note that the load evaluated
from the strain measurements is very sensitive for the selected concrete elastic modulus
Econc (B.H. Fellenius 2001). At the small strain levels in these tests, the Econc is highly
non-linear (see Section 5.6).
Pile 6 - test B
A third test, experiment ST6B, was performed on the pre-failed Pile 6 after a second
set-up period of 206 days. For this case, the frame was fixed in its short plane direction
to avoid the tilting problem. The loading was fully controlled using the automatic and
regulated system for constant load. The obtained ultimate tension bearing capacity was
Qult = 90.5 kN with displacement failure of ≈ 3 mm. This load could be held for 3
minutes before the onset of large displacement rates. The load was kept constant for
another 16 minutes, as the slip mode did not occur immediately after the start of failure.
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Figure 6.7: Load distribution from strain gauge measurements for test ST5A.
The evaluated creep load was ≈ 84 kN, which is almost identical to test ST5A (see Figure
6.6). However, test ST6B showed less accumulated displacements in each load stage and
a lower Qult (.10%) compared to ST5A. This indicates that the soil adjacent to the pile
shaft has stiffened and the stress conditions varied following the shearing and subsequent
set-up period from the first load test ST6A.
One of the strain gauge arrays was measured and the results shown in Figure 6.8. The
load distribution pattern resembles that of array 1 of test ST5A, indicating that the pile
might experienced some bending during loading.





























Figure 6.8: Load distribution from strain gauge measurements for test ST6B.
91
Summary
The short-term results are summarized in Table 6.3. The virgin loaded piles show a similar
ultimate tension bearing capacity and pile head displacement to failure. The second-time
loaded pile shows a reduction in bearing capacity with lower accumulated displacement.
In order to compare the long-term tests, a reference ultimate tension bearing capacity of




Table 6.3: Short-term test results.
Test Qult [kN ] Qcrp [kN ] Qres [kN ] δult [mm] δult/Deq [%]
ST6A 100.8 – – 4.5 1.5
ST5A 95/105.6 83 74.5 3.9/8 1.3/2.6
ST6B 90.5 84 – 3 1.2
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6.4 Long-term tension load test results (SLS)
The long-term tests are the main objective in this research, aiming to explain the pile
behaviour under the service load range (< 0.8Qult). These tests studied the displacement
and resistance evolution of the pile-soil system as a function of time and applied load
magnitude. A total of 5 piles sustained loads for substantially longer periods than the
short-term static QML tests. Four of these piles were stepwise adjusted, keeping the
same air mass during each loading stage as describe in Chapter 5. The change in load
was controlled to be within ± 10% of the current applied load and each load stage was
held until the displacement rate was ≤ 0.01 mm/h. The fifth pile was loaded using the
automatic regulated system, holding the load constant.
From all tests, Pile 2, 4 and 5 gave the best measurement data. Pile 1 and 3 yielded
poor continuous displacement measurements due to tilting and reference problems (see
Section 6.1). The results for these two piles can be found in the Appendix. First, the
data from the manually regulated tests for Pile 2 and 4 is presented, followed by the
automatic regulated test for Pile 5. The latter test was used to compare the load variation
effects present in the unregulated piles. Finally, the measurement data is discussed before
proceeding to detail analysis in the next Chapter (note that some gaps are present in the
measurement data caused by power outage in the field). Additional details of these tests
are found in the Appendix.
6.4.1 Stepwise manually-loaded
As described in Section 5.1.1, the lifting bags had a slight sensitivity to changes in height
and temperature. Therefore it was decided to manually adjust the load with time for
tests LT1A to LT4A. From these tests, LT2A and LT4A were the most stable during
the complete loading period, with no signs of significant tilting from the load frame.
Unfortunately, continuous displacement measurements for LT1A and LT3A were affected
by tilting and changes in the fixed space reference (aluminium beam). Therefore the dial
gauges measurements are the most reliable data for these two piles.
Pile 2 – LT2A
LT2A was instrumented with one LP, two tell-tales and one pore water pressure transducer
at the middle height. The LP was located at the top plate of the load frame and fixed
against the extension steel pile. At this point, the toe displacement was measured with
an additional component from the pulling rod and tilting (if any). The latter factors were
corrected as described in Section 6.1, resulting in an average displacement between toe
and head. Displacement measurements were also carried out using the dial gauges on the
tell-tales.
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LT2A was loaded for a total of 149 days distributed under different load levels as shown in
Figure 6.9. Each load increment was applied within 2 to 5 minutes. The load was not held
constant and the pile self-unloaded with time as result of the pile element displacements,
which changed the lifting bag volume. The displacement curve is not fully smooth and
tends to an asymptotic value for load levels below 80 kN. The non-smoothness can be
explained by the slight load variations and the soil properties along the pile shaft that are
not fully uniform. The same has been observed for displacement curves in the laboratory
(Ter-Stepanian 1992 as cited in Mitchell and Soga 2005). Furthermore, the measured data
is a mix of pile creep and unloading displacements, with the latter being very small for









































Figure 6.9: Load and displacement with time for all loading stages of test LT2A.
The applied load, accumulated displacement and hold time for each stage is given in Table
6.4 and plotted in Figure 6.10. The accumulated displacement for each load step consisted
of (1) an instantaneous elasto-plastic component and (2) time dependent consolidation
and creep. For the first hour, the accumulated displacements in each stage followed
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closely the short-term loading curve. The magnitude of these displacements were larger
than in the short-term tests for the same applied load level during the hold period. The
displacements (and displacement rate) increased as the pile was loaded closer to its failure
limit.
Table 6.4: Data from test LT2A.
Stage t (d) Qini Qend Qavg δini δend ∆δ ∆δ/t
1 3.94 52.5 47.7 50.3 0.00 1.92 1.92 0.487
2 21.20 52.9 46.6 49.9 1.93 2.90 0.97 0.046
3 34.95 55.1 50.6 52.6 2.90 3.91 1.01 0.029
4 13.95 59.4 55.3 56.7 3.90 4.91 1.01 0.072
5 20.85 79.6 71.8 76.7 4.90 7.87 2.97 0.142
6 27.37 91.5 75.5 79.9 7.87 19.36 11.49 0.420
7 25.76 93.6 70.3 75.1 19.36 34.89 15.53 0.603
Qini: load applied at the beginning of each stage.
Qend: load at the end of each stage (decrease due to lifting bags self-unloading.)
Qavg : average load for each stage.







































Figure 6.10: Long-term load-displacement curve for test LT2A.
Load steps 1 to 5 did not show any signs of failure that would be picked up by a sudden
increase of the displacement rate. Therefore, these steps are considered “stable”. The
test failed, however, during step 6 when loaded to 91.5 kN. Large instantaneous and
time dependent displacements developed at this load, with no tendency to reach an
asymptotic value after several days although the load reduction by self-unloading. The
large displacement rate stabilized after the pile self-unloaded below 80 kN, which is
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equivalent to a load ratio of Qsls/Qrefult = 0.80 in relation to the short-term tests and
equal to the reference creep load Qsls = Qrefcreep and average load for that stage (Qavg).
At the onset of failure, the accumulated displacement was approximately that observed
during the slip failure of the short-term tests, approximately 8 mm.
After failure, LT2A remained loaded with an average load of 80 kN for ≈ 19 days until it
was loaded again to 93.6 kN. This time, failure occurred immediately (within 10 minutes)
and the pile reached a lower residual load of 75 kN. This shows that the soil around the
pile did not have enough time to heal and/or a shear band from the previous failure is
re-activated.
Figure 6.11 presents a semi-log plot of the accumulated pile head displacement for each
load step. It can be observed that these curves present a semi-log linear trend after some
time (secondary compression). A linear regression is fitted at the region close to the end
of each curve, with the slope of these lines as Ψl (the l superscript is for length units).
Stages 5 and 6 exhibit a much larger creep rate than previous stages, with stage 6 failing
after the first 24 hours. The Ψl parameter increased directly proportional to the applied
load and it was bounded between Ψl 0.2 to 0.7 mm before failure (tending to infinity for
slip failure Ψl→∞).





























Figure 6.11: Time displacement for each stage of test LT2A.
Figure 6.12 shows the displacement rate with time for each stage. These rates were
calculated for changes every 24 hours or every 6 hours for the failure stage. In general,
the displacement rate decreased with time and was below 0.01 mm/h within the first 3
to 5 days after load step application. On the other hand, for stage 6 the rate remained
constant at 0.1 mm/h for approximately 4 days and thereafter started to decrease. The
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reduction was caused by the lifting bags self-unloading as the applied load could not
be held constant. The decrease in pile creep rate is well approximated by using the
logarithmic Equation (2.20) from Section 2.3.2, with the parameter Ψl and displacement
δ instead of the parameter µ∗ and strains ε.


































Figure 6.12: Pile head displacement rate in linear (left) and log-log (right) scale for each
load step and creep curves for Ψl = 0.2 and 0.7 with tref = 24h for test LT2A.
Another approach to plot the data is to normalize the pile displacements with the pile
equivalent diameter Deq (see Section 2.3.2). In this way a non-dimensional creep parameter
is obtained analogous to that in Equation (2.20), representing the average deviatoric creep
at the pile shaft (Ψd,avg = Ψl/Deq). Figure 6.13 shows the normalized pile displacement
for all stages. The value of Ψd,avg is very similar to that obtained at large strains in
1D-oedometer tests (see Section 4.2).
For completeness Figure 6.14 shows the pore pressure measurements at the pile shaft at
mid height. The data presents some scatter compared to the stable BAT measurements,
with the initial pore pressure before any loading ≈ 10 kPa higher than the BAT. The
latter increase in pore pressure can not be explained. The pore pressure fluctuated in
time independently of the applied load. Changes in pore pressure due to new load steps
were not always observed. For example, at stage 6 the pile failed by creep rupture, but
the sensor did not measure any variation in pore pressure. However, some increase in
pressure was observed upon reloading to failure in stage 7, approximately 5 kPa. However,















1, Qini = 52.5
Ψd,avg = 0.0012















3, Qini = 55.1
Ψd,avg = 0.0016
4, Qini = 59.4















5, Qini = 79.6
0.1 1 10 100 1000
Time stage [h]
6, Qini = 91.5






























Figure 6.14: Pore pressure at LT2A shaft mid height.
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Pile 4 – LT4A
LT4A was only instrumented with one LP and two tell-tales. This test was configured
similar to test LT2A, with the LP located at the top plate of the load frame and fixed
against the extension steel pile. The displacement measurements were corrected for the
additional elastic component from the pulling steel rod and tilting (if any). The load was
manually regulated and kept within the variation limits of ±10%. Initially, one of the
lifting bag valves was leaking due to dirt intrusion inside the joint thread. It took some
time to find the source of the problem, and therefore the pile had a smaller load for a










































Figure 6.15: Load and displacement with time for all loading stages of test LT4A.
LT4A was loaded for a total of 116 days under three main load levels (Stage 1, 3 and
4). Each load increment was applied within 2 to 5 minutes. After each load step, the
pile self-unloaded with time as result of the viscoplastic displacements (i.e. change of
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lifting bag volume). The applied load, accumulated displacement and hold time for each
stage is given in Table 6.5 and plotted in Figure 6.16. Similar to LT2A, the accumulated
displacement for the first 15 minutes after each load step follows the same curve as in the
short-term test. However, the magnitude of the accumulated displacement for each hold
period is larger than the short-term tests for the same applied load; increasing as the pile
was loaded closer to its failure limit. At stage 3, the pile failed by creep rupture with an
initial load of 91.3 kN. The large displacement rate stabilized after the pile self-unloaded
below 76 kN, which is equivalent to a load ratio of Qrefsls /Q
ref
ult = 0.76 in relation to the
short-term tests and Qrefsls /Qrefcreep = 0.95 in respect to the reference creep load. At the
onset of failure, the accumulated displacement was approximately that observed during
the slip failure of the short-term tests, approximately 7.2 mm.
Table 6.5: Data from test LT4A.
Stage t (d) Qini Qend Qavg δini δend ∆δ ∆δ/t
1 3.95 41.8 37.0 39.7 0.00 1.65 1.65 0.419
2 61.88 42.0 0.0 – 1.65 1.83 0.18 0.003
3 20.85 83.8 68.1 73.7 1.83 7.21 5.38 0.258
4 15.27 91.3 77.5 80.3 7.21 21.03 13.83 0.905
5 13.93 77.5 76.3 75.8 21.03 20.54 -0.50 -0.036



































Figure 6.16: Long-term load-displacement curve for test LT4A.
Figure 6.17 presents a semi-log plot of the accumulated pile head displacement for each
load step. It can be observed that these curves present a semi-log linear trend after
certain time (secondary compression). The pile creep rate tend to decrease with time
and as in test LT2A and seems to be bounded between the parameter Ψl 0.2 to 0.7 mm
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before failure (see Figure 6.18). Another approach to present the data is to normalize
the pile head displacements with the pile equivalent diameter Deq. The value for the
non-dimensional creep parameters obtained in this way are in line to those in test LT2A
as shown in Figure 6.19.
























Figure 6.17: Time displacement for each stage of test LT4A.



































Figure 6.18: Displacement rate for each load step and creep curves for Ψl = 0.2 and 0.7
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Figure 6.19: Normalized pile displacement for each stage of tests LT4A.
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6.4.2 Stepwise automatic-loaded
Pile 5 – LT5A
Pile 5 was reused for an additional long-term test following a setup period of 184 days
after the short-term experiment ST5A. The purpose of this test was to observe if there
was any difference in the pile creep by having constant versus varying load. LT5A used
the automatic control system described in Section 5.1.2, keeping the load constant. Two
LPs were placed on the tell-tales as these were not affected by the problems described
in Section 6.1 (e.g. tests LT2A and LT4A). Therefore, the measured displacement was
mainly from the pile creep at the pile shaft. The complete load and displacement curve
versus time is presented in Figure 6.20. Each load increment was applied within 2 to 5
minutes. The load was kept constant in each stage and the displacement approached an









































Figure 6.20: Load and displacement with time for all loading stages of test LT5A.
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The applied load, accumulated displacement and holding period for each stage is given in
Table 6.6 and plotted in Figure 6.21. From stage 1 to 6, the pile creep rate decreased
with time. Failure occurred in stage 7 with an average load of 79 kN, which is equivalent
to a load ratio of Qsls/Qrefult = 0.79 in relation to the short-term tests and equal to the
reference creep load Qrefcreep. The pile displacement and failure load is similar to that of
the manually-loaded piles, corroborating the pile creep behaviour and failure limit.
Table 6.6: Data from test LT5A.
Stage t (d) Qini Qend Qavg δini δend ∆δ ∆δ/t
1 0.00 2.1 0.8 0.9 0.00 0.05 0.05 –
2 1.93 38.6 38.1 38.0 0.05 1.16 1.11 0.572
3 2.99 48.2 48.5 48.2 1.16 1.90 0.75 0.250
4 14.70 58.4 59.2 58.7 1.90 3.23 1.33 0.090
5 12.28 69.8 69.3 69.4 3.23 4.45 1.22 0.100
6 1.00 73.3 73.3 73.2 4.45 4.69 0.24 0.242
7 13.40 79.0 72.5 79.2 4.69 14.13 9.43 0.704
8 3.39 72.0 70.8 71.5 14.13 14.29 0.16 0.047
9 13.49 70.4 0.0 11.4 14.30 11.64 -2.66 -0.197





































Figure 6.21: Long-term load-displacement curve for test LT5A.
Figure 6.22 presents a semi-log plot of the accumulated pile head displacement for each
load step. It can be observed that these curves present a semi-log linear trend after certain
time (secondary compression). The pile creep rate tend to decrease with time as in the
manually regulated tests and is also bounded between the parameter Ψl 0.2 to 0.7 mm
before failure (see Figure 6.23). For stage 7, one can clearly observe the development
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of secondary and tertiary creep, with the creep rate decreasing slightly within the first
≈ 10 days and then increasing towards infinity. The failure mechanism emerged more
clearly than in the manually-loaded tests as the load was held constant. After failure,
the pile stabilized again when unloaded to 72 kN. This load is equivalent a ratio of
Qsls/Q
ref
ult = 0.72 in relation to the short-term tests and Qsls/Qrefcreep = 0.9 in respect
to the reference creep load. At the onset of failure, the accumulated displacement was
approximately that observed during the slip failure of the short-term tests, approximately
7.1 mm.
Another approach to present the data is to normalize the pile head displacements with
the pile equivalent diameter Deq. The value for the non-dimensional creep parameters
obtained in this way are in line with previous results as shown in Figure 6.19. The last
stage in the plot shows how the pile creep rate initially reduces (following a linear semi-log
trend) and then increases rapidly towards infinity.
































Figure 6.22: Time displacement for each stage of test LT5A.
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Figure 6.23: Displacement rate for each load step and creep curves for Ψl = 0.2 and 0.7
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Figure 6.24: Load and displacement with time for all loading stages of test LT5A.
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6.4.3 All Piles
The average load and accumulated displacement for all piles is presented in Figure 6.25.
The maximum stable load is approximately 80 kN and with an accumulated displacement
of approximately 7 mm. Pass this limit large pile head displacements developed and the
piles experienced tertiary creep.




























Figure 6.25: Average load and accumulated displacement with time for all Piles.
6.5 Discussion
6.5.1 Test Results
Differences between the short- and long-term loading results are mainly attributed to
the soil rate effects (viscous behaviour). For example, as shown by Torstensson (1973)
for scale field piles and field vane shear tests, fast loading rates gave larger pile bearing
capacity and undrained shear strength compared to slow ones. During slow shearing,
any rate effect in the soil will be insignificant, but instead the shear strains in the soil
can lead to stress relaxation in kinematic-constrained boundary conditions (Randolph
and Wroth 1981; St.John et al. 1983; Lehane and Jardine 1994). Therefore, any possible
lock-in stress from the pile installation could be released with time.
The long-term tests show similar results as previously reported in the literature (see
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Section 2.3.2). The pile head displacements are larger than those from short-term tests for
the same load magnitude under the longer hold period. The pile displacement rate tend to
increase with increasing load and subsequently decreases with time as the pile-soil system
finds a new equilibrium. It is important to note that the clay properties are changing
with time too (ageing). Therefore time-dependent ageing processes during the holding
time in each load step could influence the next one. However, for the time frame of this
investigation, these changes are considered sufficiently small.
All long-term loaded piles failed by creep rupture. Failure took place for Qsls loads
approximately 20% smaller than Qult and for accumulated displacements in the same
order of magnitude of the short-term tests under slip failure (≈4–8 mm). Here, the failure
criterion is only considered based on the applied load as the accumulated displacements
could be larger for much longer holding periods (under stable Q). It is difficult to point out
exactly the trigger of the creep rupture failure mechanism, as there were no measurements
of the effective radial stresses and it was hard to assess any increase in pore water pressure
at the pile shaft from test LT2A. Possible problems in the pore pressure measurements
could be (1) the filter stone was not fully saturated or that its permeability reduced
significantly relative to the surrounding soil, (2) excess pore water pressure will develop in
the critical shear zone some distance away from the shaft, and (3) the sampling frequency
was too low.
6.5.2 Creep criterion
The long-term tests clearly indicate creep rupture above a certain load threshold. This
threshold falls approximately between 0.7 to 0.8 Qult. Below this threshold, the piles
showed very small creep displacements. This is slightly below the limit stated by St.John
et al. (1983), where they state that loading the pile more than 80% of their short-term
capacity will create significant plastic deformations in the soil. One possible explanation
for this difference is that under the long-term hold period, the effective stresses around
the pile decrease due to relaxation. Then, as the shear load increases and approaches the
failure envelope, the clay becomes unstable and the creep rate increases. In this state,
excess pore water pressures can develop in a non-uniform pattern in the radial direction
(Kimura and Saitoh 1983) and accumulate in the critical strain zone (Bjerrum and Landva
1966), further reducing the effective stresses and leading to failure (creep rupture).
Based on the current work and previous investigations, a creep failure criterion is es-
tablished for normally to slightly overconsolidated clays. This criterion is inspired by
ideas from St.John et al. (1983), Ramalho Ortigao and Randolph (1983), Hunter and
Khalili (2000), and experimental observations from the field reported here and in literature
(Torstensson 1973; Lehane and Jardine 1994) and laboratory tests (Campanella and Vaid
1974; Tavenas et al. 1978; Bhat et al. 2013). The main components are summarized below:
• For shear stresses below the residual shear strength of the clay, the soil will only
experience primary creep.
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• For shear stresses larger than the residual shear strength of the clay, the soil will
experience creep rupture. The transition from primary, to secondary and tertiary
creep will be a function of the accumulated strain upon load application and the
amount of mobilised shear.
• The soil structure will degrade significantly during creep (i.e. softening) for shear
stresses larger than the residual strength and strains below the peak strain.
• Thereafter, the shear strains will localise and the material will fail (bifurcation).
Figure 6.26 illustrate these components. A shear-displacement curve is given for different
loading rates, where ε̇1 represent a standard short-term undrained test and ε̇4 a standard
long-term drained test. If the soil is loaded to point A, it will initially exhibit a larger
strength. As the creep displacement develops with time, the soil structure evolves and
the stress conditions change. It is important to note that the soil very close to the pile
shaft is considered to be already fully remoulded during the installation process, i.e. there
is little or no bonding left. However, some structure could be left just within the main
influence area of the shear load. Beyond the peak strain, the soil enters an unstable
softening phase that eventually will lead to creep rupture. If the soil is loaded to point B
instead, creep rupture will not take place, as the mobilised load falls below the residual





























Figure 6.26: Idealised creep failure criterion for long-term loaded piles.
Figure 6.27 illustrates a soil element mobilised up to point B and then reloaded after
some creep with a high loading rate ε̇1. In this case, the available short-term strength
might have degraded, be the same or increased due to holding period (Karlsrud, Jensen,
et al. 2014). For the case of long piles, the mobilised load will be different along the pile
shaft as illustrated in Figure 6.28. With time, the parts with higher mobilised loads will
want to creep more than sections with a lower mobilised load. Therefore, the load will








































7.1.1 Ultimate Limit State
The short-term test results are interpreted using three analytical methods. The first
two methods are only applicable to estimate the ultimate pile capacity without precise
knowledge of the ultimate pile head displacement. Therefore, these methods can only
estimate the final state of the pile at failure, disregarding effects as the pile load distribution
with depth, principal stress rotation, pile-soil relative movement, among others (B.H.
Fellenius 2015). The third method provides more detailed analysis of the ultimate state
and the load distribution along the pile shaft. This method incorporates the non-linearity
and softening behaviour observed for soft clays during shear loading.
The total bearing capacity for floating piles in clays is calculated using Equation (7.1).
The base contribution for these piles is very small, with Nc values ranging from 6 to 9,
where the lowest is for soft bearing layers and 9 for the tip embedded more than 3Dpile
in stiff layers (Skempton 1951). The unit shaft friction τult is calculated either using the







Qbaseult = NcSu,bAb (7.2)
Qshaftult = τultAs (7.3)
where W ′ is the effective weight of the pile, Su,b is the undrained shear strength at the
pile base level, Nc is the base bearing capacity factor, Ab is the base area of the pile, As
is the area of the pile shaft and τult ultimate unit shaft resistance.
For tension piles, the base contribution is modified to account for the suction and uplift
failure at the pile base, as given in Equation (7.4) (St.John et al. 1983). If Qbaseult is
negative, the soil will collapse, having negligible contribution for the tension capacity.
Qbaseult = (NcSu,b − σv,b)Ab (7.4)
where σv,b is the total vertical stress at the pile base level.
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The α—method
The total stress α–method correlates the undrained shear strength of the clay with an α
factor in order to obtain the ultimate unit shaft resistance τult at a given depth (Equation
(7.5)). This method implicitly accounts for the pile element characteristics, installation
effects, changes in effective stress and the clay behaviour during loading (softening and
rate effects). Therefore, the back-analysed α factor from field tests frequently shows a
large scatter in the literature (see Fleming et al. 2008). For the normally to slightly
over-consolidated clays encountered in the Gothenburg area, this factor has been found to
be relatively constant within the range of 0.8–1 (Torstensson 1973; Bengtsson and Sällfors
1983; Hansbo 1984).
τult(z) = α(z)Su(z) (7.5)
where Su is the undrained shear strength and α is the correlation factor at a given depth
z.
For long floating piles in soft clays, the base capacity is often neglected. However, for
short piles as the one used in this Thesis, it can be significant. For the case of tension
loading, Equation (7.4) is used to estimate the available suction capacity at the base.
Using Nc = 9 and Su = 35, the maximum available load is approximately 2.2 kN, which
is equivalent to 2.2% of the reference Qrefult . The latter value is very small and can be
neglected for the long-term (drained) loading conditions where no suction takes place.
The input shear strength in Equation (7.5) is generally obtained from the uncorrected
in-situ vane shear test (Eriksson et al. 2004) or laboratory DSS tests on high quality
samples (Karlsrud 2014). The selection of the shear strength value is not unique and
will have a direct impact on the α factor as these are directly proportional. The latter
contributes to the scatter observed in the α factor, as soil samples can be disturbed and
the shearing rates vary while performing the vane test.
For the field tests in this Thesis the value for α was back-calculated using the shear
strength profile from the vane shear test and DSS test results presented in Figure 4.3. In
this case, the vane shear test profile and DSS results were almost identical. Therefore, it
was decided to average both test results. Equation (7.6) gives the average Su profile used
in the calculations of τult. The α was assumed to be constant along the complete pile
length (short pile). For first time loaded tests ST6A and ST5A, this factor is respectively
0.8 and 0.85. However, for the re-loaded test ST6B the factor is ca. 0.73, equivalent to a
reduction of 9% compared to virgin loading. This reduction indicates a change in soil
properties and stress conditions adjacent to the pile shaft. Nevertheless, it is difficult to
support this conclusion with only one test. In general, the back-calculated α values are in
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good agreement to typical values obtained for pile foundations in Gothenburg.
Su(z) = 27 + 2z for 13m ≤ z ≤ 17m (7.6)
The β–method
The β–method is based on a more realistic interpretation of soil behaviour, where the
soil-structure interaction is based on frictional contact and effective stress. This method
relates the normal effective stress at the pile shaft with the pile-soil interface friction
angle as given by Equation (7.7) and (7.8), and is in its simplest form independent of pile
characteristics or loading direction (B.H. Fellenius 2015). The failure plane around a pile
with rough shaft is considered to occur in the soil close to the interface (critical zone at
lowest Su, see Section 2.2)(Karlsrud and Haugen 1985). Therefore, determination of the
friction angle of the soil and the radial effective stress after the setup period is necessary
for estimating the pile capacity. On the other hand, measurement of the normal (radial)
effective stress and friction angle at the pile-soil interface is rather difficult and costly.
Therefore, the β factor is in general an average value obtained from field scale pile load
tests based on local site experience. Typical β values for soft clays with medium to high
plasticity are in the range of 0.27-0.35 (Karlsrud 2014).




where Kc is the lateral earth pressure coefficient after the pile set-up period (dissipation of
pore pressures), φ′r is the remoulded soil effective friction angle, σ′v0 is the in-situ vertical
effective stress and β is the correlation factor at a given depth z.
For full displacement piles, the soil undergoes large distortions during installation, and is
often considered to be fully remoulded. Therefore, the friction angle should be based on
that from remoulded clay samples. Wood (2016) published triaxial tests on remoulded
Gothenburg clay. The effective critical state friction angle for these clays is close to the
natural samples. Allman and Atkinson (1992) observer similar results for Bothkennar
clay, stating that it is difficult to reach the “real” critical state in standard triaxial tests.
Lehane and Jardine (1992) performed ring shear tests to study the residual friction angle
for remoulded Bothkennar clay. Their results showed a larger decrease in the friction angle
compared to those from Allman and Atkinson. The residual friction angle for soil-soil
and soil-interface (sand blasted stainless steel) was approximately φ′r = 33◦ and φ′r = 31◦
respectively. However, they stated that these values depend on the interpretation method
used. If one assumes that the principal axes of stress and strain increments are coincident
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and zero dilation, then φ′r = sin−1(τult/σ′nc) is used instead of φ′r = tan−1(τult/σ′nc) for
calculating the friction angle. The former equation gives φ′r ≈ 35◦, which agrees well with
that found by Allman and Atkinson (1992).
Larsson (1981) presented a series of drained triaxial and direct simple shear tests for
Bäckebol clay in Gothenburg. He found that the critical state angle was in the range of
30 to 40◦, with the best conservative fit taken at 30◦ and cohesion c′ = 2 kPa. The latter
friction angle is typically used in calculations of pile capacity. However, close examination
of Larsson’s data and results from new investigation show that the critical state angle
for normally to slightly overconsolidated Gothenburg clays is closer to the upper bound
mentioned before, with an average value of 37◦, assuming c′ = 0 kPa.
In order to back calculate the tests in this Thesis with the β–method, it is necessary to
assume a Kc or φ′r value. The soil remoulded friction angle φ′r was first chosen as 37◦ as
discussed above. Hence, back calculation of tests ST6A and ST5A resulted in Kc values
of 0.29 and 0.305 respectively, and β ≈ 0.23. The obtained Kc values appeared to be
rather low. Chow (1997) (as cited in Fleming et al. 2008) gathered data for Kc values
from well instrumented pile load tests after full dissipation of the installation excess pore
water pressures (see Figure 7.1). For clays with OCR< 2, the Kc range is approximately
0.5 to 0.9. Lehane and Jardine (1994) showed that at failure, the radial effective stress at
the shaft reduces up to 20%. Correcting the horizontal coefficient with 0.8Kc, results in a
coefficient at failure Kf in the range of 0.4 – 0.7.








Figure 7.1: Radial stress measurements around full displacement piles from Chow (1997)
(adopted from Fleming 2008).
It seems that the adopted friction angle is too high based on the back-calculated Kf .
This can be possibly explained by looking at the shearing mode next to the pile shaft,
which is analogous to a DSS test. Randolph and Wroth (1981) examined the stress path
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and failure envelope of previous investigations in DSS tests. They observed that failure
does not necessarily occur at the horizontal plane where the shear and normal stress is
applied. Instead rupture planes will initially develop parallel to the major principal stress
axis (i.e. vertical) as illustrated in Figure 7.2. Increments of strains will generate rotation
of the principal stresses, resulting in additional reduction of the shear at failure τf (apart
from sensitivity and Lode angle effect) and changes in the failure plane direction (towards
the horizontal). For the case where failure occurs at the vertical plane, the mobilised
friction angle at the horizontal plane is given by Equation (7.9).




1 + sin2 φ′
)
(7.9)
Based on Equation (7.9), the friction angle will be between Ψ′ and φ′ at planes parallel
to the pile shaft during failure. Pile tests from Lehane and Jardine (1994) resulted in
lower friction angles in comparison to the critical state angle of Bothkennar clay. Taking
φ′cs = 37
◦, then Ψ′ = 19.5◦ and the average of this two is ≈ 28◦, which is in good
agreement to that observed by Lehane and Jardine. Therefore, a lower friction angle in
the β method can be justified. Using φ′ = 28◦ for tests ST6A and ST5A gives Kf of 0.41
and 0.43 respectively.
Again, as observed for the α–method, the effective stress β factor is in agreement with
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values previously reported in the literature. Note that the governing parameters in
Equation (7.3) and (7.7) are the shaft area, the effective friction angle of the soil and
the effective horizontal stress ratio. The effective friction angle will be constant in time,
therefore changes in the effective horizontal stress or the failure plane location (i.e. effective
shaft area) will give the largest changes in the short-term bearing capacity.
7.1.2 Load transfer method
The load transfer method incorporates a more detailed description of the pile-soil relative
movement and load distribution along the pile shaft (Q.-q. Zhang and Z.-m. Zhang
2012). B.H. Fellenius (2013) and B.H. Fellenius (2015) present a summary of different
load-transfer functions available. Here, the non-linear softening function proposed by Q.-q.
Zhang and Z.-m. Zhang (2012) together with their bisection algorithm was implemented
in the general purpose numerical code MATLAB. This t-z curve is shown in Figure 7.3
using Equations (7.10) – (7.13).























where τs(z) is the unit skin friction at depth z, Ss is the relative movement at the pile
shaft, τsu is the peak shear stress at Ssu displacement and βs is the ratio between the
residual and peak unit friction (τsr/τsu).
Zhang’s function is flexible and can adopt several shapes by only modifying two parameters,
namely Ssu and βs. Values for τsu can be obtained from vane shear test or DSS test
corrected with the α or β factor from Section 7.1.1. Ssu and βs are calibrated using
data from pile load tests. The effect of these two parameters are presented in Figure 7.4.
Depending on the displacement up to peak Ssu, βs will regulate both the initial stiffness
and the softening at large strain magnitudes. Softening will have a larger impact for
smaller Ssu and take place with small Ss values.
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Figure 7.4: Effects of Ssu and βs on Zhang’s t-z curve.
Test ST5A was back calculated using this method. The parameters used to describe the
pile segment in the field test were an elastic modulus of 33 GPa, length of 4.2 m and
an equivalent diameter of 0.3 m. The soil shear strength profile with depth (Equation
(7.6)) was corrected using an α factor of 0.8, and combined with Ssu = 6 mm and
βs = 0.75 to obtain the t—z curve. The base resistance was neglected in the calculations.
The numerical simulation is in good agreement with the measurement results for the
load-displacement curve in Figure 7.5 and the load distribution along the pile shaft with
data from the strain gauges (SG) in Figure 7.6a. Compared to the simulation results, the
SG gauge data is somewhat lower along the shaft and higher near the toe. One could
possibly relate this to the radial stress distribution before loading. Lehane and Jardine
(1994) observed an increasing radial stress with depth, with much larger values near the
toe (see Figure 7.7).
Similar to what is observed in element level tests on natural clays, just a few millimetres
of relative pile-soil displacement is required to develop the ultimate shaft resistance.
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Figure 7.5: Back calculation of test ST5A.
For the short relatively stiff pile element considered here the behaviour will be rigid
body movement. Therefore, the shaft resistance is mobilised along the complete shaft
approximately at the same time and proportional to the pile-soil relative displacement as
shown in Figure 7.6b.


































Figure 7.6: Back calculation of test ST5A.
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Figure 7.7: Effective radial stresses after equalisation of installation pore pressures (adopted
from Lehane and Jardine 1994).
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7.2 Long-term response: simple method
The long-term pile head displacements due to creep are important for the service life
of the superstructure. At the pile shaft, the main creep component is deviatoric. In
the simplified approach suggested here the equation for deviatoric creep is based on the
traditional 1D volumetric formulation by introducing a deviatoric creep parameter, as
shown in Equation (7.14). The µ∗d parameter might be obtained from triaxial or DSS
creep tests by measuring the deviatoric creep strains under sustained shear loading.
The average pseudo deviatoric creep parameter Ψd,avg at the pile shaft can be obtained
in a similar fashion by measuring the pile head displacement under long-term sustained
loading and subsequently extrapolating the final pile head displacements after the service
life of the piles using a non-linear relation (Equation (7.15)). It is important to note that















where εcd are the viscoplastic (creep) deviatoric strains at the pile shaft, tref is the reference
time for the creep parameter and t is the current time to extrapolate.
The Ψd,avg parameter for each pile are plotted in Figure 7.8 for the different initial loads
Qini in each stage for each pile. For comparison the intrinsic creep parameter µ∗i obtained
from incremental loading oedometer tests (IL) at large stress levels and strain magnitudes
(> 20%) is added. An interesting finding is that Ψd,avg increases linearly with the applied
load until the intrinsic value from the laboratory results is obtained. Load stages above
80 kN led to creep rupture, therefore no relevant creep parameter is obtained beyond this
limit.
The creep displacements are extrapolated using the largest measured Ψd,avg to remain
conservative. The reference time in each loading stage varied from a few hours to several
days. For the extrapolation, tref = 3 days and the total creep time of t = 100 years
(typical service life of the superstructure in Gothenburg) have been used. The results are
plotted in Figure 7.9. In general, the total accumulated creep displacements are relatively
small, with 80% developing within the first 20 years.
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Figure 7.8: Creep parameter Ψd,avg from long-term sustained load tests.
7.3 Prediction of expected creep rate
In order to capture the long-term pile head displacement rates, it is necessary to use
more advanced methods that incorporate the effect of loading history on the creep rate.
The loading history is summarised in the pile cycle in Chapter 2. Hence, the largest
impact on the creep rate is expected to be the pile installation stage where the soil will be
distorted to a certain degree. In natural clays the initial bonds will be gradually destroyed.
Furthermore, the stress rotations during shearing will affect the anisotropy. Here an
unconventional approach will be adopted to investigate the effects of pile installation on
the creep rate by combining the Strain Path Method (SPM) (Baligh 1985; Sagaseta et al.
1997) with an universal strain driver (Gras et al. In press) and an advanced soft soil model
that incorporates anisotropy and destructuration (SCLAY1S, Karstunen et al. 2005) and
its extension for creep (CREEP-SCLAY1S, Sivasithamparam et al. 2015). Employing a
strain driver will circumvent issues with large deformation analyses in Finite Element
codes, i.e. mesh distortions in traditional Updated Lagrangian formulations and numerical
diffusion and convection of the state variables on the stability of advanced constitutive
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Figure 7.9: Extrapolation of creep settlements for maximum Ψd,avg.
7.3.1 Modelling pile installation with SPM
The Strain Path Method (SPM) was developed based on many field and laboratory
observations of installation of rigid objects in soils (Baligh 1985). This method provides an
analytical approximation of the installation effects of displacement piles in soft clays. The
advantages of this method compared to other analytical approaches (e.g. Cavity Expansion
Method) is that vertical soil displacements are considered and the pile penetration is
approximated under steady state. Baligh (1985) presented a full description of the method
and its application to piles, soil samplers and in-situ testing devices. The assumption
behind SPM is that the deformations and strains for deep penetration problems are
independent of the soil behaviour due to the dominating kinematic constraints in this
process. The method assumes that penetration occurs under quasi-static steady state
conditions, in incompressible, isotropic, homogeneous, non-viscous and rate independent
soil under isotropic stress conditions and with no roughness at the pile-soil interface.
Therefore, the penetration process reduces to a flow problem where the soil particles flow
around a rigid penetrating object.
The strains around the pile are obtained by numerical integration of a velocity field
resulting from combining sources and sinks together with a uniform flow field in a given
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space domain (this is known as Potential Flow Theory in fluid dynamics). This velocity
field has the properties of being irrotational and incompressible (conservation of volume).
Having these strain paths, the effective stresses in each discrete point can be obtained by
using any effective stress based soil constitutive model. In this way, the SPM separates
the kinematic process and the mechanical response of the soil. Furthermore, strain paths
are independent of the mesh (Eulerian approach). Due to the simplified assumption
of isotropic state, the calculated effective stresses will not satisfy all the equilibrium
conditions and therefore some small errors will remain (Baligh 1985).
Installation
Sagaseta et al. (1997) incorporated the ground surface effects together with the deep
penetration solutions presented by Baligh (1985), resulting in the Shallow Strain Path
Method (SSPM). As opposed to the SPM, the SSPM does not have a reference system
fixed to the penetrating object, but instead considers a transient source moving from the
free surface into deep layers. Therefore, the penetration process is no longer a steady
state process. As the source penetrates into deeper layers, the solution approximates that
from the SPM. In other words, the surface effects are not longer dominant. Therefore,
the sink and shear traction in their approach can be neglected. By numerical integration
of Sagaseta et al. (1997) velocity and strain rate field given by the moving source, the soil
deformations and strain paths can be obtained in time (or equivalent penetration depth).
The position of a soil particle in Cartesian coordinates is given by Equation (7.16).















where x0 and z0 are the initial soil particle coordinates, vx and vz are the velocities in
the x and z direction induced by the penetrating source from 0 to h and U is the moving
speed of the source. The x and z coordinates in the integrant part change as the source
moves from 0 to h, corresponding to a large strains solution (updated geometry). If x and
z are not updated and taken as x0 and z0, the problem is solved assuming small strains.
Here, the velocity field of interest is that of the simple pile case. In this approach a
cylindrical coordinate system is used, with x = r and z = z. The velocities and strain
rates in each direction are given in Equation (7.17) and (7.18).
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where r1 is the distance from a point in the space P (r, z) to the current location of the
source S(0, h), as calculated in Equation (7.19).
r1 =
√
r2 + (z − h)2 (7.19)
Strains and stresses
Equations (7.17) and (7.18) were numerically integrated in a 2D domain by using the
equation-based modelling in the commercial software COMSOL Multiphysics. The
displacements and strains were obtained from a radial cross section far below the free
surface and far above the pile base. For deep penetration, all soil elements in the radial
direction will experience the same strain paths (steady state). In this way, the strain
paths can be determined for a given depth and all other variables can be normalised with
the initial effective vertical stress at that point. A total of 201 discrete nodes were used
to extract the strain paths. These were located at a spacing of 0.05:0.01:1.5 – 1.6:0.1:5 –
5.5:0.5:15 meters from the centre line of penetration. The solution precision for the strain
path in each node depends on the mesh size and time step in the numerical integration of
the velocity field in COMSOL.
The effective stresses for each discrete node were calculated using the strain paths obtained
in COMSOL Multiphysics and the SCLAY1S soil constitutive model implemented in the
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single element strain driver called VAMP (graphical interface, sensitivity and optimisation
software for incrementalDRIVER) (Gudehus et al. 2008; Gras et al. In press). A MATLAB
script was used to communicate with VAMP and loop all 201 nodes. The elastoplastic
SCLAY1S model proved to be more stable than the CREEP-SCLAY1S model to simulate
the installation processes in the single element strain driver.
The initial stress conditions are taken for the middle section of the pile, 15 meters below
the ground surface. At this point σ′v0 = 90 kPa and σ′h0 = 54 kPa (assuming K0 = 0.6).
The soil model parameters are given in Table 7.1. Details of the parameter determination
procedures can be found in Wheeler et al. (2003), Karstunen et al. (2005) and Gras et al.
(In press).
Table 7.1: Parameters for SCLAY1S at 15m depth, Marieholm.
κ∗ λ∗i λ
∗1 v′ Mc α0 ω ωd χ0 ξ ξd OCR e0
0.015 0.1 0.25 0.2 1.64 0.5 150 1 14 9 0.4 1.3 2
1 Used instead of λ∗i when the bondings χ are not considered.
SPM excess pore water pressure
Given the effective stresses obtained from the strain paths and the soil constitutive model
at the discrete soil nodes, the excess pore water pressure is calculated from the equilibrium
conditions of total stresses. According to Baligh (1985) during undrained penetration,
the change in total stress is governed by the equilibrium Equation (7.20) (in a cartesian
frame and i, j = 1 to 3). Here xi are the coordinates of a material point and repeated




xi = (x1, x2, x3)
(7.20)
The total stress is the sum of effective stress and pore water pressure as stated in Equation















In a 2D axisymmetric problem, g in the above equation (multiplied by -1) is given by the
equilibrium Equation (7.23), for the radial and vertical direction respectively. However,
the solution for ∆u will depend on the integration path as the constitutive model does
not correspond to the assumptions made for the strain paths and the pore pressure field
is not in equilibrium in all directions. Aubeny (1992) showed that at the shaft (far above
the base), ∆u is best approximated by radial integration. Below the base level the vertical
integration works best. The integration path dependency is improved by taking the
divergence of Equation (7.22) and solving numerically the resulting Poisson’s Equation
























∇2u = −∇g = −q (7.24)
For deep penetration problems, strains along the pile shaft far above the tip tend to reach
a steady-state (with every element in the radial direction experiencing the same strain
and stress path at all depths). Therefore, the problem is reduced to solve Equation (7.22)























In this 1D case, the radial integration is performed starting from the far field towards the
pile shaft located at R from the pile centre line (Teh 1987; Aubeny 2016). The integration
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can be solved numerically with a trapezoidal rule as given in Equation (7.26), starting
with a node i in the far field and moving to the next node i+ 1 closer to the pile shaft
in the same radial line j (see Figure 7.10). In this integration scheme, the cavity stress





















where u is the pore pressure at a node i, (du/dr)M is the pore pressure gradient at the








Figure 7.10: Trapezoidal integration for installation pore pressures in SPM.
The far field boundary is given by a Dirichlet condition where ∆u = 0, the boundary at
the pile shaft, however, is not known a priori. What is known is that at this latter location
∆u 6= 0 and the pore pressure gradient is not necessary ∂u/∂n = 0 (i.e. Neumann condition
indicating no pore pressure gradients normal to the pile shaft). As the integration is
performed from the far field side, the boundary at the pile shaft will emerge automatically
and there is no need to specified it beforehand.
SPM equalisation of ∆u
Far above the pile base, the equalisation of the excess pore water pressures can be
approximated by 1D radial consolidation (Whittle 1987). In this case, the effective stresses,
installation pore water pressure and state variables from the SPM discrete elements must
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be transferred to the 1D mesh. During pile installation, the shear component in the
rz plane can be significant. However, Whittle (1987) stated that this do not affect the
consolidation process and can be neglected. Whittle (1987) results from 1D numerical
coupled consolidation (Biot’s consolidation theory) using a non-linear soil model (MIT-E3)
showed good agreement with field measurements (e.g. Piezo-Lateral Stress cell from
Morrison 1984). His approximations agreed well with the equalisation effective stresses
and pore water pressure dissipation times. Similar results were observed by Aubeny (1992)
for 2D coupled consolidation with the same non-linear soil model.
Aubeny (1992) observed that for the 2D consolidation case, the installation total stress
field do not necessarily satisfy internal equilibrium and might be incompatible with the
2D boundary conditions. The main incompatibility arises from the shear stress σ′rz at the
pile shaft and ground surface. He recommended two approaches to solve this problem:
1) Have an initial undrained step in order to allow the soil to equilibrate with the
boundary conditions, or
2) Apply external corrective nodal forces R in the 2D mesh at the beginning of the
analysis and keep them constant throughout the consolidation (i.e. correction of





where B is the strain-displacement transformation matrix, σ is the total stress.
Far above the pile base, Aubeny (1992) calculations using the first approach did not show
any significant changes in the initial radial effective stresses or installation pore water
pressures. Therefore, this could be well used to estimate the consolidation problem at
this location.
7.3.2 Results SPM
The resulting strains from the SPM are presented in Figure 7.11 for some soil elements
adjacent to the pile shaft. The strains are calculated using the strain invariants given by
Baligh (1985) (Equation (7.28)). The results compare exactly to that obtained by Baligh
(1985) except for the soil elements very close to the pile centre line (still the difference is
very small). As observed, the penetration process generates very large non monotonic
strains in the soil (reversal of strain paths). Therefore, the post peak behaviour is very
important for the constitutive relation adopted to estimate the effective stresses (Baligh
1985). Very large strains occur within one pile radius R. Therefore, the most uncertainties
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where these strain invariant represent E1 triaxial strains, E2 cylindrical cavity expansion
and E3 simple shear.
Details of the individual strain components are presented in Figure 7.12 for a node
located at (0.15,3). As the pile penetrates from above, the soil element is first loaded
in compression. When the pile is approximately 1 pile radius above the initial location,
the soil begins to experience extension loading (radial compression) and shear distortion.
After the pile moves past the initial position, the shear distortion reverses in direction.
The summation of the normal strain components is equal to 0, indicating no volume
change during the penetration process.
The effective stresses and installation pore water pressure predicted using the SCLAY1S
model and the strain driver are plotted as function of the pile radius, Rpile, normalised
distance from the pile shaft r/Rpile in Figure 7.13. The effective stresses at the pile shaft
reduced significantly from the initial in-situ conditions. At this point, the ratio between
σ′r,i/σ
′
v,i is equal to 0.24 and the ratio between σ′r,i/σ′v0 = Ki is equal to 0.03 from the
initial value of 0.6 (K0). This results from the large distortion and excess pore water
pressure at the shaft following the installation. The results agree well with previous
investigations described in the literature which is summarised in Chapter 2.
In addition, the results are compared to previous simulations for the Boston Blue Clay
(BBC) presented by Whittle (1987). These are plotted in Figure 7.14 and 7.14 for BBC
with OCR = 1 and for the Modified Cam-Clay (MCC) and MIT-E3 soil model. The
simulation with the SCLAY1S are similar to the MIT-E3 model close to the pile shaft and
in the far field. However, there is a significant difference between 3 to 10 pile radius. This
can be attributed to the anisotropy effect in the SCLAY1S and the fact that the MIT-E3
can capture the small strain effects. On the other hand, the MCC results over estimate
the simulation herein, predicting large radial effective stresses directly after installation.
The two most important state variables in the SCLAY1S model that relate to the degree
of bonding and the anisotropy of the soil are χ and α. Large values for the first parameter
χ represent strong bonding in the soil. Figure 7.16 shows the variation of χ following
pile installation. It is clear from these results that the large strains totally remoulded












































E2 (Cavity expansion) [%]
(b) Far pile shaft
Figure 7.11: Strain invariants from SPM for some soil elements at depth z = 3 m.
approximately 1.5Rpile, the soil is partially remoulded and is nearly unaffected in the soil
at a distance greater than 10Rpile. The second important state variable α represents the
degree of anisotropy in the soil and is given by a tensor for all the space components. Of
these α in the r, θ and z direction, as well as the relevant off-diagonal components αrz
and αrθ (see Wheeler et al. 2003 for equations) are most illustrative.
Figure 7.17 plots the latter α components as function of the normalised distance from the
pile shaft. In case of an isotropic stress state, where the yield envelope is not initially
rotated and similar to that of Modified Cam Clay, the diagonal components αr, αθ, αz will
be 1 and the off-diagonal components, αrz, αrθ, zero. Not surprisingly, small changes in
the principal anisotropy components occur near the pile shaft. The off-diagonal αrz, αrθ
show larger changes, as expected. Interestingly larger changes for αr and αz are observed
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Figure 7.12: Strain components for node at (0.15,3) from SPM, pile radius 0.15 m.



























































MIT-E3 σ′r MIT-E3 ∆ui
Figure 7.14: Predicted installation stresses and pore water pressure with SPM and





























MCC σ′r MCC ∆ui
Figure 7.15: Predicted installation stresses and pore water pressure with SPM and





































Figure 7.17: Predicted anisotropy with SPM and SCLAY1S.
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7.3.3 Creep rates
The strain path method shows clearly the large distortion effects on the soil properties
adjacent to the pile. Following the installation process the set-up period will take place.
Some numerical issues prevented that the set-up stage is not explicitly modelled in this
Thesis and it is assumed that most state variables will not change significantly near the
pile shaft (with exception of the anisotropy). The initial stress condition at the pile shaft
after equalisation of the installation pore water pressures was taken from the results
presented by Whittle (1987) and Aubeny (1992) for Boston Blue Clay and the MIT-E3
soil model. These are given in Table 7.2 and are equivalent to a stress ratio η = q/p′ = 0.6
independent of Kc value. These assumptions can be improved upon in further research
by taking the pile set-up (dissipation of pore pressures) into account in the SPM and
effective stress analyses. Note that the Kc values in Table 7.2 are in good agreement with
Table 2.3 and Figure 7.1.
Table 7.2: Effective stresses after set-up period from numerical models.
OCR Kc1 Kc2 Stresses
1 0.38 0.42 σ′z ≈ σ′r ≈ Kcσ′v0
2 0.63 0.83 σ′θ ≈ 0.5Kcσ′v0
1 1D radial (Whittle 1987);
2 2D (Aubeny 1992).
The CREEP-SCLAY1S soil constitutive model is used in conjunction with the strain
driver in order to calculate the creep rates for a certain applied shear load at the pile
shaft. As discussed previously this is a reasonable approach as the failure on the pile
interface is expected in the soil. Hence, it suffices at this stage to predict the strain
rates at element level. In the analyses, the disturbed soil properties are carried over
from the SPM results to start from a realistic post installation soil state. Thereafter, the
soil is loaded to the final set-up stresses given in Table 7.2. Numerically this poses no
problems as the CREEP-SCLAY1S model has a similar formulation for the anisotropy
and destructuration.
Estimates for the deviatoric creep rate after pile installation and set-up in a disturbed soil
profile are then obtained by application of a drained shear loading path similar to that of
a Direct Simple Shear (DSS) test at a single stress point. The creep rates are studied
for different degrees of mobilisation in respect to the undrained peak shear strength of
the element test (τpeakrz ). In addition, different boundary conditions for the DSS test are
considered (see Figure 7.18). These boundary conditions (BC) are described below:
• BC1: no volume change is allowed in the soil element. Undrained BC.
• BC2: the radial (normal) stress perpendicular to the shear load is kept constant.
The soil element will change in volume with the radial strains. Drained BC.
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• BC3: the vertical and circumferential stresses are kept constant. The soil element
will change in volume with the vertical and circumferential strains. Drained BC.
• BC4: all normal stresses are kept constant. Therefore, no relaxation will take place




























Figure 7.18: Different boundary conditions for DSS test.
The model parameters used in this section are given in Table 7.3. The absolute rate of
rotation ω has been somewhat reduced to a more realistic value of 50 to better balance
the creep rates (ω seems to have more pronounced effects on the results in the CREEP-
SCLAY1S model when compared to the original SCLAY1S model). The stresses at the
pile mid section are used for calculating the set-up stresses, with σ′v0 = 90 kPa.
Table 7.3: Parameters for CREEP-SCLAY1S at the pile shaft following pile installation
(15m depth, Marieholm).
κ∗ λ∗i λ
∗ v′ Mc Me α0 ω ωd χ0 ξ ξd OCR e0
0.015 0.1 – 0.2 1.64 1.14 0.55 50 1 0 0 0 1 2
µ∗i tref
0.003 1
Initialisation of set-up stresses
The first step in the calculations was to initialise the set-up effective stresses as given in
Table 7.2. The installation stresses and state variables obtained from the SPM and the
SCLAY1S model were passed on to the CREEP-SCLAY1S model. Then, the single element
was loaded to the set-up stresses in a period of 90 days simulating the consolidation time.
The Kc value used was 0.4 for the slightly over-consolidated Marieholm clay.
Using the above procedure, the anisotropy evolution could be captured to some extend.
The anisotropic parameter α tended to a constant value as the stresses approached the
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prescribed set-up stresses. Therefore, higher Kc values will mainly influence the shear
strength magnitude and not the initial state variables of the CREEP-SCLAY1S model
(i.e. the stress path follows the same η line). The initialisation stress path and evolution
of α are shown in Figure 7.19. The NCS and ICS have the same size and orientation since
there is no structure (χ = 0).





























Figure 7.19: Initialisation of set-up stresses for DSS test with ∆t = 90 days.
Short-term DSS tests
The short-term undrained and drained shear strength were calculated after initialisation
of the set-up stresses. For shaft bearing piles, the failure strains are very small and typical
short-term pile tests are load within 1 to 2 hours, while long-term tests can take up to
several days. Therefore, different rates were used in both types of tests in order to study
the soil rate effects, as given in Table 7.4. The results from the undrained shear test at 4
% / h and the drained shear test at 4 % / 10 d are used as reference for the mobilisation
degree of the long-term tests.
Table 7.4: Short-term DSS loading rates.
Undrained Drained
4 % / h 1.176 % / h
4 % / d 4 % / 10 d
4 % / 10 d –
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The results from all tests is presented in Figure 7.20. Note that for the drained tests
two possible boundary conditions were used, namely BC2 and BC3. The shear strength
in DSS will depend on the Lode angle, with θ = 0 (Doherty and Fahey 2011). The
critical state line M is calculated using Equation (3.8) for the CREEP-SCLAY1S model,
giving MDSS ≈ 1.3, as observed for the undrained and drained test with BC2. For the
reference undrained and drained (with BC2) loading rate, the peak strength was τrz = 25
and τrz = 25.6 kPa respectively. These peaks are very similar in magnitude despite the
different stress paths. For the drained tests with BC3, the radial stress relaxed and failure
took place at the compression critical state line M = 1.64 and τrz = 27.2 kPa (slightly
similar to triaxial compression). Remarkably, the stress path in the τrz–σ′zz plot are very




























































































Figure 7.20: Short-term loading of single element under DSS conditions.
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Long-term DSS tests
The creep rates for different mobilisation degrees are calculated by means of long-term
holding periods in the strain driver. First the desired shear load is applied in 1 hour.
Thereafter the load is kept constant and the soil is allowed to creep for 365 days. In
this analysis, all boundary conditions were used in order to study the effects of stress
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Figure 7.21: Deviatoric creep from simulated DSS tests for Undrained boundary conditions
(bc1).
As can be expected during the creep stages, the accumulated shear strains increased
with time and increasing shear stress magnitudes. These approximately follow a linear
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trend in a semi-logarithmic plot, showing an gradually increasing slope with increasing
shear stresses; similar to the results observed in the field test in this Thesis. The slightly
non-linearity in the semi-logarithmic plot is caused by the evolution of α, M(θ) and stress































The slope of each curve is plotted against the applied shear magnitude in Figure 7.24.
Again, the creep parameter increase slightly non-linearly with respect to the applied stress
magnitude, similar to the findings in this work. At mobilised ratios greater than 80%,
the creep parameter becomes larger than the intrinsic value as the stress approaches the
failure envelope. For BC1, BC2 and BC3 a mechanism similar to creep rupture occurred
when the soil stresses approximated the maximum stress obliquity given by the critical
state friction angle (τ/σ′n = tan(φ′cs)). At this stage the creep rate accelerated and the
soil could not sustain any longer the applied shear load. Especially for the drained BC2
and BC3 this is a bit unusual, perhaps indicating that also for sensitive soil in the field the
“rupture” not necessarily is a totally undrained mechanism but partly material softening.
The maximum mobilised shear ratio τ/τpeakrz was 0.8 for BC1 and 0.9 for BC2 and BC3.
BC4 is considered a special case since the stresses are kept constant. The latter condition
is not representative for a real boundary value problem and no creep rupture can be
capture under this circumstance.
Given the model simplifications and the complexity of the problem this approach gives
very promising results. Mechanisms similar to creep rupture were observed in the single
element strain driver and was caused by stress change due to a set of given kinematic
constrains. Those constraints only partly imitate the stress reduction from stress relaxation,
accumulation of creep generated excess pore water pressures or softening from localisation.
Nevertheless, despite some simplifications the results are in good agreement in respect to
the creep rate and the trend in the creep parameter. The latter suggests that especially in
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Figure 7.23: Deviatoric creep from simulated DSS tests for Drained boundary conditions
(bc3).
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This Thesis presents new findings on the long-term behaviour of tension loaded piles
in natural soft clays. The results from the field tests on six pile elements are unique
as they incorporate all significant stages in the pile cycle, i.e. pile installation, set-up
and long-term loading, yet are short enough to link the pile response to soil behaviour.
In addition to a system level interpretation of the measured pile head displacement an
advanced numerical analysis that incorporates a state-of-the-art rate dependent soft soil
model is performed. The measured data and simulation results are in good agreement and
corroborate previous investigations, however, for the first time the physical mechanisms
underpinning the measured response are generalised using an advanced rate-dependent
constitutive model for soft soils.
A new non-standard mechanical loading setup has been developed for the field tests. The
setup has two novel features: (1) the load was provided by pneumatic lifting bags that
provide constant loads without complex control systems and (2) realistic installation effects
and stresses are maintained by installing the short tension elements at large depth. This
setup proves to be robust, cost-effective and easy to adapt to different loading regimes and
pile head displacements. The variation of the applied load in time in the first prototype
(±10%) has been further improved (< ±2%) with the addition of a simple control system
composed of solenoid vales, a portable electric air compressor and a desktop computer.
With this experimental setup, new experimental data has been gathered by application of
long-term sustained tension loads as well as for reference short-term quick tests.
In the reference short-term quick tests, the ultimate bearing capacity mobilises with small
relative pile-soil displacements in the range of 4 to 8 mm. A sliding failure mechanism
initiates at Qult which subsequently halted during further unloading to 0.7−0.8Qult. The
pile “creep” load appears to be approximately 0.8Qult and represents the loading threshold
from where large displacement rates start to develop in the short-term tests. The observed
behaviour in these tests is similar to that previously reported in tension and compression
loaded piles in soft clays (e.g. Bengtsson and Sällfors 1983; Karlsrud 2012). In addition,
analysis of these results indicates that the short-term bearing capacity of single piles in
tension is approximated satisfactorily with traditional total stress and effective stress
based Ultimate Limit State (ULS) design methods. Load transfer methods, however, are
required to accurately capture the load distribution along the pile. Here, the method
proposed by Q.-q. Zhang and Z.-m. Zhang (2012) produces very good results by fitting
the required displacement until the peak strength is reached. The fitted displacement
magnitude falls in the middle of the range measured in the field test, i.e. 6 mm.
The long-term test results show larger pile head displacements resulting from consolidation
and creep in the clay surrounding the pile, and a lower ultimate bearing capacity in
tension than is obtained in the quick pile load tests (Qsls < Qult). The long-term pile
response is mainly characterised by the creep deformations in the soil adjacent to the
pile. In the reported tests, the pile head displacement rate is directly proportional to
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the magnitude of the applied tension load, i.e. the creep rate increased with increasing
pile head load (i.e. deviator stress on the pile-soil interface). There is a threshold for the
load below which the creep rate tends to decrease with time and remains in the primary
phase. At approximately 0.7Qult this limiting load is smaller than the short-term ULS
capacity. Loads above this threshold will trigger failure by creep rupture, where the creep
rate accelerates with time until failure.
The reduction in the bearing capacity for the long-term pile load tests on the test site
considered and within the available time, is most probably linked to the soil contraction
that is triggered by the shear load next to the pile shaft. The soil contraction generates
excess pore water pressures (during fast load applications) and relaxation of the horizontal
effective stress due to the kinematic constrains at the pile-soil interface (Lehane and
Jardine 1994). As the creep deformations develop, the stresses will relax until a final
equilibrium state is reached. If the stresses in the soil are close to the failure envelope,
the clay becomes unstable and creep rupture can take place. Within this unstable
zone, the creep rate will accelerate and possibly generate additional excess pore water
pressures. If the rate of dissipation is insufficient the generated excess pore water pressure
will accumulate, reducing further the effective stresses in the soil and subsequently the
available shear resistance.
Interestingly, normalisation of the measured pile head displacement rate using the pile
equivalent diameter Deq results in displacement rates which are in close agreement to those
found in 1D oedometer tests on samples with little or no bonds (i.e. heavily remoulded
state). This indicates that most of the creep deformations develop within the disturbed
zone within 1 pile diameter from the pile shaft. The pile head displacement in time
follow a linear trend on a semi-logarithmic plot log(t)− δ. Therefore, the pile head creep
displacements can be extrapolated using traditional non-linear analytical creep models
originally developed for 1D oedometer tests. The latter produced relatively small total
pile head displacements of 6 to 14 mm when the data is extrapolated over time for a
service life of 100 years. Obviously this empirical approach has no fundamental basis and
should be used with care.
A more advanced numerical investigation into the expected creep rates has been performed
by combining the Strain Path Method (SPM) with a single element strain driver and
an advanced constitutive model for the soil that incorporates creep (CREEP-SCLAY1S).
This method allows to incorporate the large deformations during pile installation and its
effects on the soil properties in the subsequent analyses of the creep response. The initial
results using this novel approach, show that the important features of the evolution of
the creep rate as function of load magnitude and time are qualitatively captured. The
expectation is that after some modifications, most notably incorporating the pile set-up
stage, the results will improve further.
In conclusion, the long-term behaviour of single piles in natural soft clays is directly
related to the behaviour of the soil adjacent to the pile shaft. The degree of bonds and
compressibility are important properties for the long-term creep displacements of the pile
element. As the applied load increases, the volume of influence becomes larger and the
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soil experiences a transition from stable to unstable creep. Soil further away from the
pile shaft is less affected by pile installation and therefore is more sensitive to structural
changes, leading to more creep deformations, increase of excess pore water pressures
and/or stress relaxation.
8.1 Recommendations
In long-term tests it is insufficient to only measure the radial effective contact stress after
installation and the set-up period. Instead the evolution of all stress components should
be known and accounted for, together with any change in soil properties, when analysing
pile test results in relation to soil behaviour. By approximating the stresses in the soil
before loading and having a proper soil model, the pile behaviour can be accurately
captured using numerical simulations. Possible approaches to study this problem are
presented below:
• Additional tests on natural and remoulded soft clays behaviour by means of advance
laboratory tests that can probe stress paths similar to those under pile installation
and during loading. Special focus should be given to the deviatoric creep behaviour
under drained conditions and for different stress paths (that include stress rotations).
• Performing fully instrumented field tests with short element piles in homogeneous
soft clays where the soil kinematics and stress changes during installation and
subsequent consolidation and loading are captured. The influence area of the creep
deformations and shear load need to be studied in more detail in field conditions.
This is important as larger loads will mobilise a larger soil volume around the
pile and perhaps will trigger more creep in the partially remoulded zone. As a
consequence, the field of observation should not be limited to the pile shaft, but
extend at least one pile diameter into the soil and consider all three main directions
(z, r, θ). This requires novel field instrumentation, for example by embedding smart
devices in the pile path and surrounding soil (i.e. use of MEMS accelerometers and
gyroscopes and/or electromagnetic techniques to track tracers in the soil).
• Study the evolution of the soil properties by extraction of soil samples for laboratory
testing of the soil next to the pile shaft by means of block sampling, at different
times in the pile cycle.
• Fully coupled (i.e. material and groundwater) large deformation modelling with
advanced soil models that can capture rate dependency (creep), thixotropy and





Figure A.1 shows the test site location before the pile installation. Today, the area has
changed substantially due to the undergoing works for the Marieholm tunnel.
Figure A.1: Aerial view of test site. Located next to Waterloo street 100 m north-east of
the Partihalls connection road.
Figure A.2 is a blueprint of the planned construction works in the area in connection to
the Marieholm tunnel project. Previous soil investigations selected in the desk study of
this Thesis are surrounded by a red circle.
Figure A.3 and A.4 show the test site after installation of the 6 test piles. The container
in the picture was used to store the data acquisition system and other tools required
during the testing program.
Extensometer data
The test site was instrumented with an vertical extensometer in order to measure the
ongoing settlements. This measurements are relative to the extensometer toe, as this was
considered to be fixed in time and space.
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Figure A.2: Site blueprints illustrating new roads and previous soil investigations done in
connection to the Marieholm tunnel project.
Temperature data
The air temperature was monitored during the field test. Figure A.6 shows the average
air temperature at the test site for the complete testing period.
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Figure A.3: Test site after installation of the 6 test piles.
Figure A.4: Steel extension pile and timber mat on top of fill material.
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Figure A.5: Settlement measurements at the test site and from previous investigations.


















A model pile was used for the calibration of the strain gauges and to study the pile cross
section stiffness. Figure A.7 show the 1 m long model pile with cross section 0.235x0.235
m.
Figure A.7: Model pile used to calibrate the strain gauges (1 m long).
Test piles and load frame
Figure A.8 presents the equipment used for the load rig and A.9 shows the Chalmers
Concrete laboratory working area together with the concrete test piles and the extension
steel pile sections. Figure A.10 and A.11 show the load frame structure used for all the
piles.
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Figure A.8: Equipment used for the load rig (without HEB beams). Load cell, lifting bags
(white box) and portable air compressor.
Figure A.9: Concrete piles, steel extension piles, tell-tales and tension loading rod.
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Figure A.10: Load frame.
Figure A.11: Load frame and manual pressure regulation panel.
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A.3 Long-term measurement data
Pile 1 – LT1A
This pile was instrumented with a one LP, three levels of SGs, two tell-tales and two pore
water pressure transducers at the shaft. The LP measurements were severely affected by
tilting and movements of the reference beam, and the SG by temperature variations in
the cable at ground level. Therefore, only the dial gauges measurements are presented as
this were considered reliable.
The first load step aimed at 65 kN. This load was held within the tolerance limits for
≈ 96 days, correcting for changes under 3 occasions. The next load target was 80 kN,
which is equivalent to the reference creep load Qrefcreep. The load was held for ≈ 55 days,
and as in previous stages, this decreased by the lifting bags self-unloading due to creep
displacements. However, the load was not adjusted pass the tolerance level (72 kN).
Therefore, the pile unloaded to 61 kN. The complete load and pile head displacement
measurements is presented in Figure A.12 and Table A.1. Note that only the dial gauges
measurements on the tell-tales are available.
Table A.1: Data from test LT1A.
Stage t (d) Qini Qend Qavg δini δend ∆δ
01 0.82 4.5 4.3 4.4 0.00 0.00 0.00
1 3.95 65.5 59.3 62.3 0.00 3.12 3.12
2 21.17 64.7 58.8 61.8 3.12 4.66 1.54
3 34.97 67.3 56.9 62.0 4.76* 5.66 0.90
4 34.81 67.4 53.9 60.2 5.77* 6.96 1.19
5 54.95 79.5 61.3 69.0 6.96 10.09 3.13
1 Small load to remove slack in the loading frame.
* Measured after load was applied.
Pile 1 was the only pile that did not failed by 2015-04-13. Following stage 5, the pile was
loaded in different ways. First the pile was reloaded from 61 to 79 kN for 2 days. This
load step generated significant tilting in the frame. Therefore, a quick unloading-reloading
stage from 79 to 35 kN was done to verify that the tilting effect happened at the beginning
of each load stage and remained permanent after that. Thereafter, the load regulation
system was plugged to keep the load constant at 80 kN. However, during this time the
pile experienced several unloading stages as the system was not properly configured and
one of the solenoid valves failed to work. Therefore it was decided to manually regulated
the load at 80 kN. This last stage lasted for approximately 87 days and the load decreased
linearly with time down to 57 kN. Finally, the pile failed after 10 minutes when it was






































Figure A.12: Load-displacement data for test LT1A.
similar to that observed in the short-term tests.
Figure A.13 shows the pore pressures measurements at the pile mid section and toe.
The data present some gaps due to power outage or problems with the pore pressure
transducer. Similar to test LT2A, very small changes in the pore water pressure can be
observed and it is hard to link these variations to the load increments. The only clear
match appears to be in stage 5 when the pile was loaded to 80 kN (only toe data available).
Thereafter the measurements present large variations without any further load increase.
One could argue that after this load level, the soil is in an unstable state. However, one
could all say that the transducer failed to work properly. Consequently, there is a lot of































Figure A.13: Pore water pressure measurements at pile shaft for test LT1A.
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Pile 3 – LT3A
This pile was only instrumented with one LP and two tell-tales. Similar to test LT1A,
the LP measurements were severely affected by tilting and movements of the reference
beam. Therefore, only the manual measurements from the dial gages on the tell-tales were
considered reliable. The complete load and average tell-tale measurements is presented
in Figure A.14 and Table A.2. The tell-tale data is only available until the end of stage
5. Before stage 6, the pile was completely unloaded in order to fix the tilted frame by
re-adjusting the lifting bag positions. Then, the pile was loaded to 84 kN. This load
was held constant for approximately 2.5 hours before the pile suddenly failed with large
displacements (TT could not be measured) and unloaded to a stable state around 65 kN.
Table A.2: Data from test LT3A.
Stage t (d) Qini Qend Qavg δini δend ∆δ
1 3.93 69.6 62.8 66.2 0.00 4.02 4.02
2 21.16 68.6 62.4 65.3 4.02 5.69 1.67
3 34.99 70.0 66.9 67.9 5.82* 7.08 1.26
4 34.82 72.1 65.7 68.4 7.15* 8.60 1.44
5 27.35 78.6 74.4 76.5 8.60 12.61 4.02
6 25.76 84.2 64.1 65.9 12.61 20.00+ 7.39







































Figure A.14: Load-displacement data for test LT3A.
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Detailed measurements – LT2A
Figure A.15 to A.19 present the load–displacement curve for all stages of test LT2A in a
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